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Abstract

The current Dutch norms for the macro-stability of flood protection embankments and more specif-
ically the determination of SHANSEP parameters has been subject of debate since its implementa-
tion in 2017. The main concerns arise from the apparent over-conservative nature of the guidelines
and the apparent underestimation of shear strength of organic and silty clays. In this Master thesis,
an assessment of the normalised normally consolidated undrained shear strength is performed for a
dike stability reinforcement project between Gorinchem and Waardenburg in the South west of the
Netherlands on a problematic clay layer called the ‘Gorinchem Clay’ throughout this thesis. The
main goal is the confirmation of the current norms or towards a more optimised and less conser-
vative assessment of the strength parameters and in doing so, discusses one of the most recurrent
questions in geotechnical engineering: do some of the measurements from laboratory tests reveal
true material behaviour or do the limitations of such laboratory tests produce this particular be-
haviour? This analysis was performed on Triaxial Compression, Direct Simple Shear and Triaxial
Extension tests from which the SHANSEP parameters are derived as input for the available shear
strength along a slip surface according to the methodology developed by Ladd (1991) and following
the Critical State Soil Mechanics.
The structure of this thesis is as follows: first, a literature study is performed on the strength
parameters assessment in chapter 1, the principles of the Critical State Soil Mechanics and the
difficulties encountered in the determination of the strength parameters from laboratory tests in
chapter 2. The laboratory results are then exploited in chapters 4 to 5 according to the current
guidelines and more extended methods in which the limitations of the Classical Critical State
Soil Mechanics are shown. The next chapters focus on a more fundamental understanding of the
considered material consisting of modelling the material behaviour in chapter 6 using a simplified
academic constitutive model featuring non-associative elasto-plasticity with mixed volumetric and
deviatoric hardening allowing for hardening or softening.
The outcomes of this thesis show Critical State conditions as traditionally understood could not be
reached reliably for undrained conditions in Triaxial Compression, Triaxial Extension and Direct
Simple Shear. The tests showed to be particularly unreliable beyond 10% axial strain in Triaxial
Compression and Extension, and beyond 15% shear strain in Direct Simple Shear. The difficul-
ties encountered in determining the Critical State friction angle and undrained shear strength were
shown to be minimised by performing drained and undrained Triaxial compression tests on slightly
over-consolidated soil samples. Additionally, the limitations of the Classical Critical State theory
were highlighted and a more advanced constitutive model including a non-associative flow rule and
deviatoric hardening was successfully used to predict the behaviour in Triaxial Compression for
undrained conditions. The predictions for drained conditions and particularly undrained Triaxial
Extension were however limited.
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Introduction

Background and motivation

Two thirds of the Dutch territory are susceptible to flood damages: flood defences have been
built since the Middle-ages to result in the present day in over 3600 kilometres of primary dikes
and 14 000 kilometres of regional dikes. These flood defences are continuously updated against
inland settlement, newly discovered failure mechanisms and more recently against the sea level
rise, river discharge, intensity of storms, precipitation and drought. The vast majority of the flood
protection is guaranteed by earth embankments built on soft holocenic deposits of sand, peat, and
organic and silty clays. The macro-stability of such constructions has always been a challenge for
Dutch geotechnical engineers: on the one hand these constructions require to be safe and reliable
although they require working with difficult and sometimes unpredictable materials, and one the
other hand need to be designed cost-effectively due to the magnitude of the investments required
to maintain such level of flood protection. As an illustration, the price to update a two meter high
earth embankment may vary between 1 to 2 million Euro per kilometre (Stoop, 2010), and the
annual cost of maintaining the existing flood defence system reaches 1.4 billion Euro.

The macro-stability analysis of dikes is often debated and has changed drastically over the
years. Most recent update dates from 2017, where the fundamental macro-stability analysis has
been changed from an effective strength approach restricted by small deformations (2-5%) to an
undrained strength approach applied to larger deformations according to the principles of Critical
State Soil mechanics. The new guidelines however drastically changed the perception of Dutch
engineers towards the stability of dikes since the new assessment would require major changes
on flood defences which have been withstanding storms and high water levels for decades not
to mention centuries. Additionally, it has been shown over the years in several studies that the
strength of soils such as peats was highly underestimated. A certain level of apprehensiveness
towards the new norms has therefore appeared in the eyes of many geotechnical engineers and the
governing bodies for which clarity and better regulations are required.

In this Master thesis, the assessment of strength parameters of the dike stability reinforcement
project between Gorinchem and Waardenburg in the South west of the Netherlands is studied as
a case study towards either the confirmation of the current norms or towards a more optimised
and less conservative choice of the strength parameters. This study was performed with the
contribution and under supervision of Delft University of Technology and Royal Haskoning DHV.
The structure of this thesis is as follows: first, a literature study is performed on the strength
parameters assessment in chapter 1, the principles of the Critical State Soil Mechanics and the
difficulties encountered in the determination of the strength parameters from laboratory tests in
chapter 2. The laboratory results are then exploited in chapters 3 to 5. The next chapters focus on
a more fundamental understanding of the considered material consisting of modelling the material
behaviour in chapter 6. The conclusions and discussions on the findings are to be found in chapter
7, whilst the recommendations for future work and practices to be adopted in the assessment of
strength parameters are shown in chapter 8.
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Research objectives and questions

The main objective of this Master thesis is to better assess the strength parameters from laboratory
testing in the evaluation of the macro-stability of flood embankments according to the recently in-
troduced Dutch norms, and to better understand the general behaviour of the considered material
in different laboratory tests. The following research questions where hence formulated:

• Is the strain softening experienced in the laboratory tests a result of the limitations of the tests
at large displacements or is the softening true material behaviour?

• What are the limitations of the Classical Critical State Soil mechanics and hence the SHANSEP
method if applied to field scenario’s?

• Is the determination of Critical State strength parameters according to the 2017 Dutch norms
applicable on Gorinchem Clay?

• Can the use of an isotropic non-associative elasto-plastic constitutive model with volumetric and
deviatoric hardening or softening be used to model the behaviour of the material in question?

• How can the difficulties encountered in determining the parameters of the SHANSEP model
from laboratory tests be remedied?
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Chapter 1

Dike Design in the Netherlands

In this chapter, the general flood embankment design considerations and strength assessment are
explained in section 1.1, with emphasis on the macro-stability of dikes. The pre-2017 macro-
stability strength assessment and its limitations are discussed in section 1.2 whereas the current
approach is explained in section 1.3.

1.1 Overview general design and macro-stability

The design of flood embankment is to be performed according to all the known failure mechanisms
illustrated in figure 1.1.1 and loads such as hydraulic loads, traffic loads, soil self-weight and
wind (Ministerie van Infrastructuur en Milieu, 2016). Biological (animal hollows) and climatic
alterations (drought cracks) are also to be considered (Ministerie van Infrastructuur en Milieu,
2016). The aim of this study is to assess the macro-stability of a flood embankment i.e. case C
and E in figure 1.1.1.

Figure 1.1.1: Failure mechanisms of flood embankments (Bakkenist, 2012).A: Run-over; B: Wave
over-topping; C:Macro-instability inner slope; D: Sliding; E: Macro-instability outer slope; F:
Micro-instability; G:Piping; H: Outer slope erosion; I: Foreshore erosion; J: Excessive settlement
;K: Ice damage; L: Ship collision

The macro-stability of a dike corresponds to the resistance of slope failure for both the hinter-
land and river or sea side. Besides the available strength of the dike body and soil underneath the
dike, the macro-stability of a flood embankment is determined by the hydraulic boundary condi-
tions. For a high water level, the available strength of the soil is reduced due to the rise of the
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phreatic surface lowering the effective stresses in the soil (Ministerie van Infrastructuur en Milieu,
2016). In addition, the high water level may induce heave and bursting: this situation occurs when
the stratigraphy consists of a non-permeable layer (clay) on top of a very permeable layer (sand)
(Van Baars & Van Kempen, 2009), which is characteristic of most flood embankment scenario’s in
The Netherlands (Den Haan & Kruse, 2007). This phenomenon has the effect of further reducing
the strength of the overall dike by affecting the strength at the toe of the embankment. For this
scenario, the macro-stability towards the hinterland is critical (Ministerie van Infrastructuur en
Milieu, 2016).
For a lowering water level, the previously induced pore pressures dissipate at a much slower rate
than the water level does due to the low permeability of the dike material. As a consequence, the
available strength of the material is similar, however the lowering of the water level causes the dike
to load back to its non-buoyant self weight. In this case the macro-stability outside of the dike is
critical (Ministerie van Infrastructuur en Milieu, 2016).
In the current norms, the macro-stability of an embankment is to be evaluated according to limit
equilibrium methods. Several methods exist and each method may not give the most critical failure
surface (Ministerie van Infrastructuur en Milieu, 2016). The guidelines therefore recommend to
evaluate the macro-stability of the dike for each method and to consider the most critical case. The
methods consist of the Bishop method, the Spencer-Van der Meij method and LiftVan method. In
the Bishop method, the failure surface is assumed to be circular (see figure 1.1.2) and the equilib-
rium analysis is performed for vertical forces only (Ministerie van Infrastructuur en Milieu, 2016).
For the Spencer-Van der Meij method, the failure surface may not be circular and the horizontal
forces between slices are also considered (Ministerie van Infrastructuur en Milieu, 2016). In the
LiftVan method, the failure surface is composed of two circular surfaces (active and passive) and
a horizontal segment as shown in figure 1.1.3.
The input strengths in the slope stability analysis are the undrained shear strengths and are to
be determined from laboratory tests (Ministerie van Infrastructuur en Milieu, 2016). Such tests
are time consuming and expensive, they can therefore only produce a coarse mapping of the shear
strength of the soil profile and overall dike project. These tests are therefore used to calibrate
the parameters of the SHANSEP model described in section 1.3.1. These parameters can then be
used to determine the undrained shear strength based on Cone Penetration test (CPT) measure-
ments (Ministerie van Infrastructuur en Milieu, 2016). The use of the CPT enables to evaluate
the strength of the soil along the whole soil profile and at many locations.

Figure 1.1.2: Visualisation of slope instability with a circular failure surface (Kremer et al., 2001)
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Figure 1.1.3: LiftVan limit equilibrium method (Ministerie van Infrastructuur en Milieu,
2016).1:Water level; 2: Dike body; 3:Phreatic surface; 4:Horizontal dike section; 5:Sand layer;
6:Groundwater flow; 7:Water pressures

1.2 The ‘traditional’ macro-stability strength assessment and lim-
itations

The ‘traditional’ dike macro-stability analysis in the Netherlands is based on the Mohr-Coulomb
model with an effective strength approach: the strength parameters (c and φ′) are determined from
drained triaxial tests for strain levels of 2 to 5% along estimated pore pressures (Stoop, 2010). In
the engineering practice, this introduces a degree of variability in the strength parameter definition
for limit equilibrium macro-stability analysis from one project to another, however engineers tend
to stick to strength parameters at 2% strain by means of precaution which as a consequence leads
to over-conservative design parameters (Stoop, 2010).
This approach is applied for cases exhibiting small strains, however for a structure inducing a large
change of geometry and displacements, the stress redistribution and experienced strains produces
so called pre-shearing (van Duinen, 2014; Zdravković & Jardine, 2001), where a soil element at
the toe of the dike experiences significant stress rotation and shearing. This aspect causes in case
of the ‘traditional’ methods an underestimation of the shear strength for normally consolidated
conditions for multi-stage structures (Zwanenburg, 2016). For over-consolidated conditions, the
available undrained shear strength decreases once the experienced strains have passed the peak
strength. In this case, the undrained shear strength is over-estimated (Ministerie van Infrastructuur
en Milieu, 2016).
Another issue with the ‘traditional’ strength parameter assessment concerns the strain mode of
the embankment (Ladd, 1991): the peak shear strength of different soils does not necessarily occur
for the same strains in a macro-stability analysis of a dike due to differences in soil types, stress
history, stress conditions and direction of principle stress. Peak strengths along the failure surface
therefore do not necessarily occur at the same strain level, which results in an over-estimation of
the shear strength (Ladd, 1991).
For the cases in which the undrained behaviour is governing (clay and peat), shear induced pore
pressures considerably affect the shear stress the soil can endure without failing, which is not
taken into account with a Mohr-Coulomb and effective stress approach (Zwanenburg, 2016). These
limitations called for an improved method in selecting strength parameters for the macro-stability
of water retaining ground constructions. It has furthermore been recognised that the failure of
dikes is better represented and safer for undrained conditions (Ministerie van Infrastructuur en
Milieu, 2016).
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1.3 Current Dutch macro-stability assessment: Undrained Criti-
cal State strengths

In 2016, the Dutch Ministry of Infrastructure and Environment published new guidelines and
regulations for assessing the macro-stability of water retaining ground constructions for the year
2017. These new regulations are meant to answer the shortcomings of the previous macro-stability
methods as previously illustrated. In this section, the principles of the stability assessment are
introduced and the strength parameter determination are explained.

1.3.1 Principles of critical state soil mechanics and SHANSEP method

The main changes in the water retaining ground construction regulations of 2017 concern the
drainage conditions and soil model to be considered: soils are to be modelled according to the
Critical State Soil Mechanics and soils which feature low permeability (peats and clays) are to
be modelled under undrained conditions whereas soils with high permeability (sand) are to be
modelled under drained conditions (Ministerie van Infrastructuur en Milieu, 2016). Additionally,
the principles of active, direct and passive shearing according for strain mode developed by Ladd
(1991) are to be considered for the concerned sections of the failure surface (see figure 1.3.1), that
is: parameters from triaxial compressions tests (TC) are to be determined for the active zone,
direct simple shear (DSS) test for the direct shear zone and triaxial extension (TE) for the passive
zone.
The critical state of a soil is the concept that a soil will reach a constant state when distorted
sufficiently for which the soil flows as a frictional fluid (Schofield & Wroth, 1968) and has strain
independent shear strength. The critical state is independent of the initial states and is soil
specific (Atkinson et al., 1993; Lupini, Skinner, & Vaughan, 1982), and is independent of pre-
shearing (Ministerie van Infrastructuur en Milieu, 2016). Physically speaking, the critical state
is achieved when the soil remains at constant volume whilst shearing and is associated with the
turbulent flow of the soil particles (Atkinson et al., 1993). This is equivalent to reaching constant
plastic volumetric strains whilst the deviatoric plastic strains increase steadily, since the strain
hardening or softening of the soil is plastic volumetric strain dependent only (Wood, 2014). By
strain hardening or softening it is implied the material’s strength increases or decreases whilst
it is sheared. For sands and generally soils with rotund particles, the critical state corresponds
to the residual state (Atkinson et al., 1993). This isn’t the case for clays which consist of flat
particles and develop laminar flow when the orientation of these flat grains have become parallel:
the residual state can then be significantly different than the critical state (Atkinson et al., 1993).
The critical state model inherently describes the behaviour of the soil and links the shear strength
with compression, dilation, changes of volume and shear induced pore pressures in terms of effective
stresses and stress history (Ministerie van Infrastructuur en Milieu, 2016).
The SHANSEP model (Stress History and Normalised Soil Engineering Properties) was therefore
introduced in order to determine the undrained shear stress of a soil according to the critical state
theory (Ministerie van Infrastructuur en Milieu, 2016). The method is based on the Cam-Clay
model, which states that there is a logarithmic relationship for the change in void ratio in isotropic
compression and unloading (Atkinson et al., 1993). One of the assumptions made for the Cam-Clay
model is that mechanically over-consolidated behaviour represents all preconsolidation pressure
mechanisms (i.e. plastic volumetric strains), which can induce errors with highly structured,
sensitive clays and naturally cemented deposits (Ladd, 1991). This also applies to sand and
silt rich clays, including löss and boulder clays, in the case of typical Dutch soils (Ministerie
van Infrastructuur en Milieu, 2016). The SHANSEP model can only be applied to fairly regular
deposits for which a well-defined stress-history can be obtained, the method is therefore not advised
if random clay deposits are encountered (Ladd & Foott, 1974). The method also features limitations
near the top of a highly desiccated ‘drying crust’ due to weathering and the difficulty involved in
determining the OCR in that region (Ladd & Foott, 1974). Other effects which are not considered in
the Cam-Clay model include anisotropic behaviour, creep, destructuration and softening (Wheeler,
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Näätänen, Karstunen, & Lojander, 2003),(Knabe, 2010).
The undrained shear strength is described by the SHANSEP model by equation 1.3.1 (Ladd,
1991), where S is a friction parameter and corresponds to the normally consolidated (i.e. OCR=1)
undrained shear strength ratio as given by equation 1.3.2. Parameter m relates the contribution
of the OCR to the undrained shear strength. Parameter m can also be determined according to
equation 1.3.3 where λ is the slope of the virgin compression line in logarithmic scale and κ the
slope in unloading-reloading in logarithmic scale also (Ladd, 1991). Equation 1.3.3 is equivalent
to m = 1 − a

b using the Dutch parameter nomenclature (Ministerie van Infrastructuur en Milieu,
2016).

Su = Sσ′viOCR
m (1.3.1)

S = (
Su
σ′vi

)nc (1.3.2)

m = 1 − (
κ

λ
) = 1 − (

a

b
) (1.3.3)

Figure 1.3.1: Active, Direct and Passive shearing in the failure surface of an embankment
(Ministerie van Infrastructuur en Milieu, 2016).

1.3.2 Parameter selection according to the new Dutch guidelines

The Ministery of Infrastucture and Environment (2017) prescribes determining parameter S at
critical state which corresponds to strain levels of 25% in a triaxial setup for clay and sand and
40% for peat in direct simple shear test. Since S is a parameter for normally consolidated soil,
the undrained consolidated Triaxial test (TC) or undrained direct simple shear test (DSS) need to
be performed on normally consolidated samples, for which the preconsolidation pressure is to be
determined from a constant rate of Strain cell test (CRS test) and taken at point B as shown in
figure 1.3.2. The downside of this method is that because of the high preconsolidation pressure, the
sample’s fabric may be altered and could well result in a loss of strength. On the other hand, point
A is to be taken as the preconsolidation pressure when the parameter is used to determine the
undrained shear strength with the SHANSEP formulation (equation 1.3.1). Point B corresponds to
conditions of purely normal consolidation and is therefore a guarantee to have a purely normally
consolidated sample in the triaxial or DSS apparatus, whereas point A is within the transition
zone between normally and over-consolidated conditions and is therefore more conservative in de-
termining the undrained shear strength from the over-consolidation ratio.
Parameter S can also be determined for over-consolidated samples by determining the over-consolidated
undrained shear strength ratio following the same procedure as for a normally consolidated sample
and reaching the expected vertical effective stress rather than the preconsolidation stress. The nor-
mally consolidated undrained shear strength ratio can then be determined by correlating results
from the over-consolidated undrained shear strength with the over-consolidation ratio (OCR), as
reported in figure 1.3.3. Since the tests may have to be conducted at low pressures, the inac-
curacies of the measuring apparatus is more pronounced than for higher pressures. Also, several
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samples are required for this method in order to perform a proper correlation, since each specific
sample may have a slightly different S value, as shown figure 1.3.3.
Parameter m is to be determined in a CRS test in which parameters λ and κ can be determined.
Similarly to the method to determine parameter S on the over-consolidated side, m can also be
determined by back calculating the undrained shear strength of an over-consolidated soil using
equation 1.3.1(Ministerie van Infrastructuur en Milieu, 2016). The results of both methods are
slightly different (Ministerie van Infrastructuur en Milieu, 2016), and the current guidelines pre-
scribe the first method as the method to determine the relevant strength parameters.

Figure 1.3.2: Stress-Strain curve for a typical CRS test. The horizontal line at point A corresponds
to the strain at in-situ initial vertical effective stress σ′vi and point B is the preconsolidation stress
σ′p (Ministerie van Infrastructuur en Milieu, 2016).

Figure 1.3.3: Correlations between the undrained shear strength ratio S and the overconsolidation
ratio (Ministerie van Infrastructuur en Milieu, 2016).
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Chapter 2

Classical Critical state soil mechanics
and experimental practices

The first concepts of Critical state soil mechanics were introduced in 1.3.1. In this section, the
concept is elaborated on further and the current practices in determining the Critical State pa-
rameters are explained. The use of laboratory equipment to determine these parameters comes
with several issues, which are developed for each of the required laboratory tests in the parameter
assessment according to the 2017 Dutch guidelines. Finally, a strategy is suggested in order to
determine the parameters with better reliability and understanding.

2.1 Critical State fundamentals

The typical behaviour of a normally consolidated and overconsolidated clay sheared drained is
given in figure 2.1.3. Normally consolidated and slightly over-consolidated soils are said to be on
the ‘Wet side’ of Critical State whereas heavily over-consolidated soil are said to be on the ‘Dry
side’ of Critical State (Atkinson et al., 1993). Figure 2.3(a) shows that soil on the Wet side of
its Critical State features shear hardening, i.e. the soil becomes harder to shear at larger strains.
The cause of shear hardening can be understood from figure 2.3(c) and 2.3(d) where the soil is
compressing and therefore increasing the interlocking of the soil particles. In the case of a soil on
the Dry side of its Critical State, the soil will initially harden and compress until reaching a peak
shear strength after which the soil softens and dilates. The terminology ‘Dry side’ and ‘Wet side’
comes from the volumetric behaviour of the soil during shearing: a contractive soil will expel water
during drained loading (i.e. wet) whereas a dilative soil will not (i.e. dry). During an undrained
test, volume changes are not permitted since the pore water cannot flow out of the sample, instead
positive excess pore water pressures develop for a soil on the wet side of Critical State or negative
excess pore water pressures if on the dry side of critical.

According to the Critical State principle, the same soil will reach the same Critical State Line
(CSL) regardless of its overconsolidation ratio and drainage conditions although the critical state
strength is different, as show figures 2.4(a) and 2.5(a). The slope of the critical state line in
compression tests (2.1.1) is given by the critical state parameter M given in equation 2.1.1 where
φ

′
cs is the friction angle at critical state (Atkinson et al., 1993). Like the critical state strength, the

critical state friction angle is unique to each soil. The soil on the Dry side of Critical state again
reaches a peak strength before softening to the Critical State. In figure 2.4(a) the stress path is a
function of q only for drained conditions as no shear induced pore pressure are generated, unlike
shearing under undrained conditions as is shown in figure 2.5(a). In the υp’ space, soils sheared
undrained remain at constant specific volume υ since the volume change prevention is converted to
excess pore pressure development (see figure 2.5(b)). Figure 2.4(b) shows that drained shearing
is only a function of the specific volume υ, this is true only at constant p’ shearing, which is not
necessarily the case in most soil testing procedures. In the case of a normally consolidated soil
and therefore on the Wet side, the initial state is on the Normally Consolidated line (NCL). If the
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specific volume (or void ratio) is plotted as a function of the logarithm of the mean normal stress p,
the NCL and CSL are linear and parallel lines according to the Modified Cam-Clay model (MCC)
as shown in figure 2.1.2.

The critical state can additionaly be determined in an undrained triaxial test based on the
excess pore pressure development: given that at Critical State the deviatoric stress to mean effective
confining stress ratio (q/p′) is a constant, so must also be the excess pore pressures as shown in
equation 2.1.2. In incremental form (equation 2.1.3), the incremental deviatoric stress to mean
incremental effective confining stress ratio must be zero and so must be the incremental pore
pressures.

M =
6 sin(φ

′
cs)

3 − sin(φ′
cs)

(2.1.1)

q

p′
=

q

p− u
=

σ1 − σ3
σ1+2σ3

3 − u
(2.1.2)

dq

dp′
=

dq

dp− du
=

dσ1 − dσ3
dσ1+2dσ3

3 − du
(2.1.3)

Figure 2.1.1: Critical state line and Critical state parameter M

Figure 2.1.2: Critical state line and Normal Compression line according to the Modified Cam Clay
model
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(a) (b)

(c) (d)

Figure 2.1.3: Typical behaviour of clay in a drained shear test initially on the dry and wet side of
the Critical state (Atkinson et al., 1993).

(a) qp’ space (b) υp’ space

Figure 2.1.4: Behaviour of an OC and NC under drained conditions at constant p’(Atkinson et al.,
1993).

(a) qp’ space (b) υp’ space

Figure 2.1.5: Behaviour of an OC and NC under undrained conditions (Atkinson et al., 1993).
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2.2 Determining Critical State in practice

The 2017 Dutch guidelines recommend determining the Critical state parameters for Triaxial Com-
pression, Direct Simple Shear and Triaxial Extension in order to comply with the strain compat-
ibility and ADP method developed by Ladd (1991). The specific conditions and issues of these
tests are hereby developed.

2.2.1 Determining the Critical State for soft soil using the Triaxial test

In practice it often appears to be tricky to find the critical state using typical triaxial apparatus
for a soft soil such as clay or peat: the imposed boundary conditions from the end restraints in
the Triaxial apparatus causes stress and strain non-homogeneities as was demonstrated by Chatzis
(2018) and Muraro (2019). The friction at the sample-porous stone interface in the triaxial ap-
paratus causes the formation of so-called ‘dead wedges’ in which the deformations are restricted
compared to the free failure surface, in addition to reducing the free failure zone of the sample. As
axial strains increase, the dead zones may merge and force lateral expansion around the perimeter
of the sample (Muraro, 2019). These effects are expected to be of increasing relevance for high
frictional and compressible materials. For a soil on the dry side, thin distinct discontinuities and
slip surfaces may develop, in which the soil is subjected to intense shearing and is able to change
volume (Atkinson et al., 1993). The resulting non-homogeneity of shear strains and volumetric
strains of the tested soil sample causes the test to be unreliable due to the difficulties in determin-
ing the specific volume in and around the slip surfaces for a drained test. This is especially true
if deformations are measured externally (Wood, 2014) which is often the case in standard labora-
tory tests. In an undrained test, the stress inhomogeneity causes additional excess pore pressure
development, especially for a highly over-consolidated soil sample where the stresses and deforma-
tions are concentrated at the discontinuities formed whilst shearing the material. On the other
hand, a soft soil on the wet side of critical or lightly over-consolidated tends to locally compress
on straining and harden the material by draining excess pore water in the case of a drained test
(Atkinson et al., 1993). This again causes issues in determining the specific volume of the segment
of soil at critical state. For an undrained test, the stress-inhomogeneity causes local pore pressure
accumulation which reduces the strength of the tested sample. In order to reduce the effects of the
porous stone friction, soil samples prepared to be tested in triaxial setups are made long and slender.

The main assumption made for an undrained test is the constant water content or void ratio
within the sample. Local drainage can however still occur from the intense shearing zones to the
less intense sheared zones and vice versa, which in terms can result in false interpretation of the
laboratory results (Atkinson et al., 1993). For clays this assumption is even more problematic since
the effects of undrained creep are completely neglected in addition to the fact that strain rates
are often minimized as these result in more conservative measurements of the shear strength. For
undrained conditions, the measurement of excess pore-pressures can be unreliable as the external
measurement is often an average on the overall sample, especially for soils on the dry side which
have very localised shear zones.
The results are even more problematic for larger strain levels, where the stress and strain non-
uniformities are magnified: the accumulation of deformations causes greater uncertainties in de-
termining the cross-sectional area on which the loads are applied to as illustrated in 2.2.1. The
consequences for a discontinuous sheared sample (highly over-consolidated sample) is an under-
estimation of the applied deviatoric stress due to cross-sectional reduction and an over-estimation
of the deviatoric stress for a bulging sample. This effect of bulging is furthermore accentuated by
the long and slender nature of the sample. As shown by Chatzis (2018) and as implemented in
the Dutch guidelines, the dimensions of the sample are optimised in order to reduce these effects.
At very large axial strains (larger than 20 %) soft soil samples tested from the wet side have been
witnessed to first bulge (figure 2.2(a)), therefore increasing the cross-sectional area on which the
normal load is applied, followed by the formation of discontinuities along the sample at the pe-
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riphery of the loading pistons causing a cross-sectional reduction of the sample as shown in figure
2.2(b). The discontinuities formed under these conditions are generally not of the same nature as
the formation of discontinuities for highly over-consolidated conditions as shown in figure 2.2(c)
where the discontinuities does not protrude deeply within the sample as opposed to figure 2.3(b)
for a highly over-consolidated sample. Highly over-consolidated clays tested under undrained con-
ditions are generally observed to either feature strong crossing discontinuities (figure 2.3(a)) or
single discontinuities (figure 2.3(c)). Lightly over-consolidated clay samples tend to have a mixed
failure mechanism showing both bulging and the formation of discontinuities 2.3(d) altough some
may only produce bulging.
In order to remedy against these issues, many techniques have been used in (Ehrgott, 1971) and
for peats in (Muraro, 2019) to correct for the cross-sectional changes during testing, however the
choice of the correct method to be used is highly dependent on the stress history, compressibil-
ity, dimensions, deformation mode and strain level of the tested sample. Another aspect is the
strain rate which is chosen for during undrained shearing: higher strain rates result in larger shear
strengths for the same tested material by up to 10% per strain rate order of magnitude (Sheahan,
Ladd, & Germaine, 1996; Zhu & Yin, 2000; Gens, 1982). To remedy against this issue, the current
guidelines recommend using an axial strain rate of 1% per hour or lower should the permeability
of the material be very low (Ministerie van Infrastructuur en Milieu, 2016).

Figure 2.2.1: Shapes of failed specimens in a triaxial test (Ehrgott, 1971)
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(a) Sample TG421.+094 B BUT mo-19b
featuring sample bulging

(b) Sample TG421.+094 B BITA mo-16a
featuring sample bulging and formation of
discontinuities

(c) Sample cross-section TG421.+094 B BITA mo-16a featuring sample bulging and
formation of discontinuities

Figure 2.2.2: Typical deformation mechanisms of Gorinchem Clay tested in undrained triaxial from
the wet side
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(a) Sample TG421.+093 B MBIB mo-11b
featuring the formation of discontinuities

(b) Sample cross-section
TG421.+093 B MBIB mo-11b featur-
ing the formation of discontinuities

(c) Sample TG421.+094 B BUK mo-25b
featuring the formation of a single discon-
tinuity

(d) Sample TG421.+093 B MBIB mo-15b
featuring bulging and the formation of dis-
continuities

Figure 2.2.3: Typical deformation mechanisms of Gorinchem Clay tested in undrained triaxial from
the dry side

2.2.2 Determining the Critical State for soft soil using the Direct simple shear
(DSS) test

The Direct simple shear (DSS) test was introduced in as an improvement of the highly non-
homogenous Direct shear test (DST) to simulate shearing along a horizontal plane (Ladd & De-
Groot, 2003). Although the DSS has been reported to predict very reasonable estimates of the
undrained shear strength for some soils (Ladd & DeGroot, 2003), in practice it may be tricky to
determine the critical state for soft soils. Indeed, the DSS test features considerable strain non-
homogeneities (Dounias & Potts, 1993; Grognet, 2011; Ladd & DeGroot, 2003; Hanzawa et al.,
2007), excessive strain softening beyond 10 to 15% shear strain (Ladd & DeGroot, 2003), in addi-
tion to the fact that the rupture type is dependent on the stiffness of the vertical sides of the DSS
apparatus (Budhu, 1984). Tejchman and Bauer (2005) additionally showed the shear zones of the
tested sample at failure are wider and less intense at the external vertical boundaries than at the
center of the sample, which is to some extend similar to stress and deformations inhomogeneities
in the triaxial compression test shown in (Muraro, 2019) and (Chatzis, 2018) although the shear
zone in the DSS is slightly tilted. One of the main disadvantages with the DSS apparatus is lack
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of measurable variables, such as the direction of principle stress, giving a complete understanding
of the stress state in the sample (Boylan & Long, 2008). Another drawback of the DSS apparatus
regards the assumption of a horizontal failure mechanisms itself, as the failure mechanism may
occur as a translation along horizontal or vertical planes as shown in figure 2.2.4. The failure
mechanism which features the least resitance is generally the along the vertical plane and a soil
element will tend to fail along the path of least resistance (Hanzawa et al., 2007).

Figure 2.2.4: Possible failure mechanisms in an idealised Direct Simple Shear test for (a) horizontal
failure surface and (b) vertical failure surface (Hanzawa et al., 2007)

2.2.3 Determining the Critical State for soft soil using the Triaxial Extension
test

The Triaxial Extension test has similar issue in terms of stress non-homogeneity and deformations
as the Triaxial Compression test discussed in section 2.2.1. Although the effects of end restraints
has been studied for sand in Triaxial Extension (Wu & Kolymbas, 1991; Yamamuro & Lade, 1995;
P. V. Lade & Wang, 2012; P. Lade, Yamamuro, & Skyers, 1996), very little is known about the
effects of the boundary condition on fine grained materials. Wu and Kolymbas (1991) showed on
sand that factors such as the inhomogeneous deformation and the effects of the rubber membrane
have a larger effect on the results in Extension than Compression. The deformations in Triaxial
Extention cause severe necking as shown in figure 2.2.5, which causes uncertainties in determining
the true deviatoric stress experienced by the sample at large strains especially.
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(a) test 2-102 13

(b) test 15-102 31

Figure 2.2.5: Typical deformation mechanisms of Gorinchem Clay tested in Undrained Triaxial
Extension from the wet side

2.3 Strategy to find the Critical State

Due to the experienced uncertainties in determining the critical state using the available methods,
an experimental strategy was required to narrow down the uncertainty and converge towards the
true Critical State strength parameters and Critical State Line of the encountered soils.

The first step was to perform overconsolidated and normally consolidated undrained tests to
approach the critical state from the dry and wet side. The second step was to approach the
critical state line using drained tests: although the strength parameters have to be determined for
undrained conditions as conform to the guidelines, the critical state line is the same for undrained
and drained conditions due to the uniqueness of the critical state friction angle. The expected
idealised stress paths in the deviatoric stress to mean effective stress space are represented in
figure 2.3.2. The results can further be represented in the stress ratio η to axial strain space
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and the excess pore pressure to axial strain space: both the stress ratio and excess pore pressures
should converge towards a constant at a certain axial strain for both OC and NC tests. The main
idea in using these different stress and strain representation is to dismiss test features in order to
better understand the soil’s true behaviour.

The outcomes of the critical state undrained shear strength of TC, DSS and TE are expected
to be similar (Mayne, 1985; Prevost, 1979) and therefore are worth comparing although differences
are to be expected since each method imposes different loading conditions, boundary conditions,
strain rates and initial stress states (Mayne, 1985; Ladd, 1991). Additionally, the direction of
major principle stress in a Triaxial Compression test is in the direction of the moving piston
(vertical) and horizontal in Triaxial Extension, whereas the major principle stress in a DSS test is
allowed to rotate freely as the test is executed, resulting in different undrained shear strengths for
a cross-anisotropic soil (Abelev & Lade, 2004). The second step is therefore to compare the triaxial
(compression and extension) and DSS results in order to better understand the material behaviour
and test specific features. The DSS Critical State undrained shear strength is expected to be
of intermediate strength between the undrained shear strength from TC and TE (Mayne, 1985),
and the strength discrepancy between a Triaxial compression test, DSS and triaxial extension test
are expected to reduce at high plasticity indexes for normally consolidated clays and silts (Ladd,
1991; Mayne, 1985). In order to compare the TC to the DSS results for different stress states,
the normalised shear strength for Triaxial Compression for plane strain conditions is determined
according to equation 2.3.1 (Koutsoftas & Ladd, 1985), where φ

′
mob,ps is given in equation 2.3.2

assuming a Matsuoka-Nakai failure criterion (Wroth, 1984) (see figure 2.3.1). The axial strain can
be converted in terms of shear strain according to equation 2.3.3 (Ladd & DeGroot, 2003).

(
τ

σ′
vc

)ps =
q cosφ

′
mob,ps

2σ′
vc

(2.3.1)

φ
′
mob,ps =

9

8
φ

′
mob,tc (2.3.2)

γ = 1.5εa (2.3.3)

Figure 2.3.1: Failure surfaces in the deviatoric plane (Georgiadis et al., 2004)
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Figure 2.3.2: Effective stress paths for drained over-consolidated (D-OC), drained normally con-
solidated (D-NC), undrained over-consolidated (U-OC) soils and undrained normally consolidated
(U-NC) soils.

Figure 2.3.3: Idealised normalised shear stress versus shear strain for triaxial compression, direct
simple shear and triaxial extension tests under plain strain, as in (Ladd, 1991)

.

The triaxial data can further be exploited according to the void ratio in the sample during
testing as explained in section 2.1. This analysis can be extended by plotting the results as a
function of axial strains and the confining pressure to equivalent confining pressure ratio where
the equivalent confining pressure is defined as the pressure on the normal consolidation line at the
same void ratio as that of the soil in a different state (Hvorslev, 1937). This ratio is expected
to be a constant as the critical state line is assumed to be parallel to the virgin compression line
and is expected to be quasi-equal to 2 (Wroth, 1984) as conform to the modified Cam-Clay model
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and Classical Critical State theory (see figure 2.3.4). The idealised sample behaviour in the void
ratio space is given in figure 2.3.5 and figure 2.3.6 for undrained and drained conditions respec-
tively. The equivalent confining pressure can then be determined according to equations 2.3.4 for
undrained normally consolidated conditions, 2.3.5 for undrained over-consolidated conditions, 2.3.6
for drained normally consolidated conditions and 2.3.7 for drained over-consolidated conditions,
where b is the slope of the Normal Compression Line (NCL).

Figure 2.3.4: Idealised behaviour in the p’q space and corresponding response in the void ratio
space according to the Modified Cam Clay model (Wroth, 1984)

.

peq = p0 (2.3.4)

peq = p0OCR(1 − b) (2.3.5)

peq = p0 −
e− e0
b

(2.3.6)

peq = p0OCR(1 − b) − e− e0
b

(2.3.7)
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(a) undrained behaviour from the wet side (b) undrained behaviour from the dry side

Figure 2.3.5: Idealised sample behaviour in an undrained triaxial test in the void ratio space. EOC:
end of consolidation, EOU: end of unloading.

(a) drained behaviour from the wet side (b) drained behaviour from the dry side

Figure 2.3.6: Idealised sample behaviour in a drained triaxial test in the void ratio space. EOC:
end of consolidation, EOU: end of unloading.
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Chapter 3

Data overview and testing procedures

Laboratory tests were performed on samples at several detphs of the considered geotechnical unit
at three different locations (figures 3.0.2 to 3.0.4) within the project boundaries (figure 3.0.1).
The laboratory tests were mainly performed on the clayey layers as shown in figures 3.0.5 to 3.0.7,
which show the stratigraphy and classification at these three locations. In the sample reference, TG
stands for Tiel-Gorinchem, the first set of numbers to the hectometre marker of the dike section,
followed by the distance in meters from this hectometer marker. The position of the sample normal
to the dike is given by a set of letters as given in table 3.0.1 whereas the three numbers after the
M refers to the core number which is divided again in intervals a,b and c. For each dike section
several laboratory tests were performed on the core sections. These include Triaxial Compression
tests (TC), Direct Simple Shear tests (DSS), Constant Rate of Strain tests (CRS), Oedometer
tests and additional material property and index tests to determine the Atterberg limits, grain size
distribution, volumetric weights and void ratio of the tested sample. These laboratory tests were
performed by two Dutch geotechnical laboratories Inpijn Blokpoel Ingenieurs and Wierstema &
Partners, where each laboratory performed the aforementioned tests on separate dike sections. In
addition, Triaxial Extension (TE) tests were performed by the research institute Deltares.

Table 3.0.1: Sample denomination

MBIB BUTA BUT BUK AL BIT BITA

crest outer slope outer toe outer crest hinterland inner toe inner slope

Figure 3.0.1: Locations of sampled dike sections
.
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Figure 3.0.2: Location of samples in dike section TG321
.

Figure 3.0.3: Location of samples in dike section TG396
.

Figure 3.0.4: Location of samples in dike section TG422-421
.
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Figure 3.0.5: Soil Classification and Cross-section at dike section TG321
.

Figure 3.0.6: Soil Classification and Cross-section at dike section TG396
.

Figure 3.0.7: Soil Classification and Cross-section at dike section TG422
.

3.1 Material properties

The grain size distribution and classification were determined for the samples tested in the Triaxial
Compression tests of dike section TG422 (see figure 3.1.1). The grain size distribution and classi-
fication show that the Gorinchem Clay is in reality (in most cases) a silt dominated soil ranging
from 20 to 70% and a mean of 56% with clay fraction ranging from 0 to 40% and a mean of 24%,
organic content ranging from 5 to 42% with a mean of 12% and a sand fraction from 1 to 54%
with a mean of 8%. The volumetric weights of the samples were determined for all of the Triax-
ial (compression and extension) and DSS tests. The Atterberg limits were determined for both
the Triaxial Compression tests and DSS tests. The Casagrande Plasticity chart for the Triaxial

35



Compression and DSS tested samples are given in figure 3.1.2. The Atterberg limits are usually
determined on clays without organic content, however the inclusion of organic matter increases the
Plasticity index (Zentar, Abriak, & Dubois, 2009) resulting in particularly large Plasticity Indexes.

Figure 3.1.1: Sand, silt, clay, and organic content of the samples tested in the triaxial apparatus
.

Figure 3.1.2: Casagrande Plasticity chart for Triaxial Compression and DSS tested samples
.
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3.2 Triaxial Compression tests

The Triaxial Compression tests were performed for samples of initial heights of 100 mm and initial
diameter of 50 mm. The samples were first isotropically consolidated with a back pressure of 300
kPa and then brought to K0 conditions in the case of normally consolidated tests (anisotropic
consolidation). The consolidation was performed within three days to limit the effects of creep, or
when the excess pore pressures didn’t exceed 1 kPa within 10 minutes after the drainage valves are
closed (Ministerie van Infrastructuur en Milieu, 2016). As specified by the current Dutch guide-
lines, samples with height to diameter ratio lower than 1.8 and larger than 2.2 after consolidation
were considered as non-conform tests in order to limit the effects described in section 2.2.1. The
coefficient of earth pressure at rest K0 was chosen as 0.35 for volumetric weights lower than 14
kN/m3 and 0.45 for volumetric weights higher than 14 kN/m3 as is specified in the current norms.
For over-consolidated conditions the K0 values were determined according figure 3.2.1 (Ministerie
van Infrastructuur en Milieu, 2016). The samples then were brought to failure at strain rates
ranging from 0.3 to 1.0 % axial strain per hour according to the required consolidation period as
specified in NEN 5117 (Ministerie van Infrastructuur en Milieu, 2016). A correction for the effects
of drainage strips and the membrane was applied using gelatine cores sheared to the same axial
strain as the real tests following (Greeuw, Adel, Schapers, & Haan, 2001): the measured shear
strength of the gelatine and drainage strips is later subtracted from the test measurements. The
heights and diameters of the samples at the end of consolidation were measured and photographs
of the failed samples were taken, for which the failure mode was determined. The initial void
ratio was determined prior to the test and estimates of the void ratio for each loading stage were
provided based on the measurements of expelled or absorbed pore water. The test properties of
each tested sample are given in tables 3.2.1 to 3.2.3.

Figure 3.2.1: Coefficient of earth pressure at rest K0 to be considered for triaxial tests
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Table 3.2.1: Triaxial compression test properties of samples from dike section 7h
Name test Test type OCR [-] Test validity Failure mode K0 [-] Strain rate PI %

[%/hour]

TG321.+017 B BUT M011-a U-NC 1 False Test / 0.35 0.14 103
TG321.+017 B BUT M014-a U-OC 3.0 False Test O/ 0.93 1.02 /
TG321.+017 B BUT M015-a U-NC 1 OK Test O 0.45 0.96 76
TG321.+017 B BUT M017-a U-NC 1 False Test O 0.35 0.34 99
TG321.+017 B BUT M018-a U-NC 1 OK Test O 0.45 1.03 43
TG321.+017 B BUT M019-a U-NC 1 OK Test O 0.45 0.99 51
TG321.+017 B BUT M020-a U-NC 1 False Test O/ 0.35 0.95 116
TG321.+018 B BUK M007-a U-NC 1 False Test O/ 0.45 0.99 23
TG321.+018 B BUK M021-a U-NC 1 False Test O 0.35 0.97 89
TG321.+018 B BUK M025-a U-OC 3.9 OK Test X 0.88 1.03 /
TG321.+019 B BUTA M016-a U-NC 1 OK Test O 0.45 1.04 56
TG321.+019 B BUTA M018-a U-OC 3.8 OK Test O/ 0.86 0.95 /
TG321.+019 B BUTA M019-a U-NC 1 False Test O 0.45 1.0 71
TG321.+019 B BUTA M020-a U-NC 1 OK Test O 0.45 0.99 41
TG321.+019 B BUTA M021-a U-OC 3.8 OK Test X 0.88 0.95 71
TG321.+019 B BUTA M022-a U-OC 3.4 False Test O/ 0.94 1.0 55
TG321.+020 B AL M005-a U-NC 1 OK Test O 0.45 0.99 64
TG321.+020 B AL M008-a U-NC 1 OK Test O 0.45 1.0 47
TG321.+020 B AL M012-a U-NC 1 OK Test O 0.45 1.0 68
TG321.+022 B BIT M013-a U-NC 1 OK Test O 0.45 1.01 59
TG321.+022 B BIT M017-a U-NC 1 OK Test O 0.42 0.98 34
TG321.+022 B BIT M019-a U-OC nan False Test O/ 0.96 1.01 63
TG321.+022 B BIT M021-a U-NC 1 False Test O 0.45 0.94 54
TG321.+022 B BIT M023-a U-NC 1 OK Test O 0.45 0.61 54
TG321.+022 B BIT M024-a U-OC 3.2 OK Test O/ 0.96 0.95 62
TG321.+041 B AL M007-a U-NC 1 OK Test O 0.45 0.97 59
TG321.+041 B AL M008-a U-OC 2.4 False Test O/ 0.89 1.02 121
TG321.+041 B AL M012-a U-NC 1 False Test O 0.45 0.58 78

O: bulging; /:single discontinuity; X: several discontinuities
U: Undrained Test; D: Drained Test

Table 3.2.2: Triaxial compression test properties of samples from dike section 10b
Name test Test type OCR [-] Test validity Failure mode K0 [-] Strain rate PI %

[%/hour]

TG396.+028 B BUT M013-a U-NC 1 False Test O/ 0.35 0.53 /
TG396.+028 B BUT M022-b U-OC 3.3 False Test / 0.93 1.02 /
TG396.+030 B AL M018-a U-NC 1 False Test O 0.35 0.51 /
TG396.+030 B BUK mo-14a U-NC 1 False Test O 0.45 0.76 28
TG396.+030 B BUK mo-28b U-NC 1 False Test O 0.44 0.23 131
TG396.+030 B BUK mo-29a U-OC 3.5 OK Test / 0.84 0.79 91
TG396.+031 B BIT mo-12b U-NC 1 False Test O/ 0.47 0.37 101
TG396.+031 B BIT mo-20b U-NC 1 False Test O/ 0.46 0.25 97

O: bulging; /:single discontinuity; X: several discontinuities
U: Undrained Test; D: Drained Test
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Table 3.2.3: Triaxial compression test properties of samples from dike section 12g
Name test Test type OCR [-] Test validity Failure mode K0 [-] Strain rate PI %

[%/hour]

TG421.+093 B MBIB mo-11b U-OC 3.4 OK Test X 0.83 0.96 157
TG421.+093 B MBIB mo-12b U-OC 3.4 OK Test O/ 0.94 0.78 50
TG421.+093 B MBIB mo-13c D-OC 4.9 OK Test O 0.92 0.48 52
TG421.+093 B MBIB mo-15b U-OC 3.7 OK Test O/ 0.96 0.36 41
TG421.+093 B MBIB mo-17b U-OC 3.6 OK Test OX 0.96 0.6 72
TG421.+093 B MBIB mo-18a U-OC 3.5 OK Test O/ 0.86 0.96 63
TG421.+093 B MBIB mo-20a D-OC 3.8 OK Test OX/ 0.94 0.78 48
TG421.+094 B BITA mo-13a U-NC 1 OK Test O 0.45 0.67 50
TG421.+094 B BITA mo-14a U-NC 1 False Test O 0.44 0.94 35
TG421.+094 B BITA mo-16a U-NC 1 False Test O 0.41 0.14 79
TG421.+094 B BUK mo-25b U-OC 3.5 OK Test / 0.97 0.4 59
TG421.+094 B BUK mo-26a U-OC 3.7 OK Test OX 0.97 0.6 64
TG421.+094 B BUT mo-19b U-NC 1 OK Test O 0.45 0.87 44
TG422.+003 B BUK mo-20b U-OC 3.6 False Test OX 0.97 0.96 /
TG422.+003 B BUK mo-21a U-OC 3.6 OK Test X 0.94 0.9 36
TG422.+003 B BUK mo-22a U-OC 3.7 OK Test X 0.85 0.96 69
TG422.+003 B BUK mo-26a U-OC 3.6 OK Test O 0.97 0.3 34
TG422.+003 B BUK mo-27a U-OC 3.5 OK Test X 0.96 0.36 45
TG422.+004 B BUT mo-15b U-NC 1 OK Test O 0.45 0.95 23
TG422.+005 B BITA mo-12b D-NC 1 OK Test O 0.33 0.71 50
TG422.+005 B BITA mo-15a U-NC 1 False Test O 0.46 0.9 /
TG422.+005 B BITA mo-16b U-NC 1 False Test O 0.45 0.34 119
TG422.+005 B BITA mo-18b U-NC 1 False Test O 0.45 0.8 64
TG422.+005 B BITA mo-20b D-NC 1 OK Test O 0.45 0.59 51
TG422.+005 B MBIB mo-12b U-NC 1 False Test O 0.44 0.85 42
TG422.+005 B MBIB mo-13a U-OC 3.3 OK Test O 0.93 0.95 64
TG422.+005 B MBIB mo-14a U-OC 3.5 OK Test O 0.94 0.36 59
TG422.+005 B MBIB mo-16a U-NC 1 False Test O 0.48 0.93 79
TG422.+005 B MBIB mo-18a U-OC 3.6 OK Test O 0.86 0.36 110
TG422.+005 B MBIB mo-19a U-OC 3.5 OK Test OX 0.94 0.96 45
TG422.+005 B MBIB mo-20a U-NC 1 OK Test OX 0.35 0.64 38
TG422.+005 B MBIB mo-21a U-OC 3.6 OK Test O 0.94 0.96 90
TG422.+005 B VL mo-20a U-NC 1 False Test X 0.46 0.79 70

O: bulging; /:single discontinuity; X: several discontinuities
U: Undrained Test; D: Drained Test

3.3 Direct Simple Shear (DSS) tests

The Direct Simple Shear tests were performed according to ASTM norm (D6528-17, 2017). The
samples were consolidated for at least the time required to reach 90% consolidation (from 16 to
69 hours). Over-consolidated samples were replicated using the SHANSEP consolidation method
(Ministerie van Infrastructuur en Milieu, 2016) which involves consolidating the sample to its esti-
mated pre-consolidation pressure, unloading the sample to the desired vertical stress and allowed
to consolidate again for four hours. The current norms recommend a shear strain rate of 5%/hour
and a maximum of 8%/hour. The shear strain rate as executed by the laboratories vary between
4.1 and 6.9 %/hour. The properties of each test are given in table 3.3.1.
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Table 3.3.1: Direct Simple Shear test properties of samples from dike section 7h, 10b and 12g
Name test Test type OCR PI % Strain rates

[%/hour]
TG321.+017 B BUT M011-a U-NC 1 103 6.75
TG321.+017 B BUT M014-a1 U-NC 1 84 6.5
TG321.+017 B BUT M014-a2 U-OC 4.0 84 6.55
TG321.+017 B BUT M016-a1 U-NC 1 114 6.75
TG321.+017 B BUT M016-a2 U-OC 2.5 114 6.76
TG321.+017 B BUT M017-a U-NC 1 99 6.74
TG321.+017 B BUT M018-a U-NC 1 43 6.75
TG321.+018 B BUK M007-a U-NC 1 23 6.76
TG321.+018 B BUK M020-a1 U-OC 1 73 6.72
TG321.+018 B BUK M020-a2 U-OC 4.0 73 6.91
TG321.+018 B BUK M021-a1 U-NC 1 89 6.69
TG321.+018 B BUK M021-a2 U-OC 2.5 89 6.69
TG321.+019 B BUTA M016-a U-NC 1 / 6.64
TG321.+022 B BIT M015-a U-NC 1 50 6.76
TG321.+022 B BIT M021-a U-NC 1 54 5.06
TG321.+022 B BIT M023-a U-NC 1 54 6.79
TG396.+009 B AL M010-a U-NC 1 / 6.83
TG396.+013 B BUT M012-a U-NC 1 / 6.76
TG396.+013 B BUT M013-b U-NC 1 / 6.75
TG396.+013 B BUT M014-a U-NC 1 / 6.76
TG396.+028 B BUT M011-a U-NC 1 / 6.74
TG396.+028 B BUT M012-a U-NC 1 / 6.77
TG396.+028 B BUT M020-a U-NC 1 / 6.75
TG396.+030 B AL M018-a U-NC 1 / 6.74
TG396.+030 B BUK M014-b U-NC 1 / 6.76
TG396.+030 B BUK M019-a U-NC 1 / 6.73
TG396.+030 B BUK M028-c U-NC 1 / 6.69
TG396.+031 B BIT M020-c U-NC 1 / 6.73
TG396.+031 B BIT mo-08a U-NC 1 46 4.1
TG396.+031 B BIT mo-12c U-NC 1 85 4.9
TG421.+094 B BUT mo-19b U-NC 1 44 4.6

3.4 Triaxial Extension tests

The Triaxial Extension tests were performed by research Institude Deltares on samples of heights
and diameters prior to consolidation of 67 mm and 108 to 123 mm respectively. The samples were
consolidated and then brought to K0 conditions in the same fashion as the triaxial compression
tests as described in section 3.2. The samples were brought to failure at constant cell pressure by
decreasing the vertical pressure at axial rate varying from 0.4 to 1.0 %/hour. The tests were then
corrected for the effects of drainage strips and the membrane in the same fashion as described in
section 3.2. The validity of the tests regarding the sample dimensions was determined according
to the same criterion as used for Triaxial Compression tests.

Table 3.4.1: Triaxial Extension test properties
Name test Test type Test validity Failure mode K0 [-] Strain rates

[%/hour]
05-102 26 U-NC False Test >< 0.47 -1.0
15-102 31 U-NC OK Test >< 0.51 -0.5
2-102 13 U-NC False Test >< 0.5 -1.0
4-2-102 24 U-NC False Test >< 0.5 -0.4
4-102 16 U-NC False Test >< 0.51 -0.4

><: local necking

3.5 Constant Rate of Strain (CRS) and Oedometer tests

The Constant Rate of Strain (CRS) and Oedometer tests were used in this project to determine
the pre-consolidation pressure and parameters a and b (or λ and κ in the classical Critical State
soil mechanics). For the CRS tests, the Dutch guidelines recommend saturating the sample at 2
kPa, loading to four times the in-situ vertical pressure, unloading back to two times the in-situ
vertical pressure and reloading to six times the in-situ vertical pressure. Axial strain rates from
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0.1 to 0.5% per hour were used, and were lowered in the next step of loading/unloading in case
the pore pressure to vertical stress ratio exceeded 15%. The Dutch practice for the oedometer test
is to load the sample with nine steps when the in-situ vertical stress is less than 50 kPa, where
the steps are respectively 0.25, 0.5, 1, 2, 4, 2, 4, 8 and 16 times the in-situ vertical stress. For
in-situ vertical pressures exceeding 50 kPa, eight steps are used as follows: 0.25, 0.5, 1, 2, 4, 2,
4, 10 times the in-situ vertical stress. The unloading reloading section of the test is fitted by a
line where its slope determines the value of parameter a. Parameter b is taken as the slope of the
virgin compression line. The pre-consolidation pressure was taken as the pressure on the virgin
compression line corresponding to the axial strains of the in-situ pressure as prescribed by the
Dutch guidelines (Ministerie van Infrastructuur en Milieu, 2016).
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Chapter 4

Preliminary results

The preliminary results of the laboratory tests on the Gorinchem Clay are shown and discussed in
this chapter. The results in Triaxial Compression, DSS and Triaxial Extension are to be found in
respectively in sections 4.1 to 4.3. The combined results expressed in shear strain and shear stress
are discussed in section 4.4. Finally, the results of parameters a,b and the pre-consolidation stress
are shown in section 4.5.

4.1 Preliminary results of the Triaxial Compression tests

4.1.1 Unexpected behaviour of the soil

The preliminary results show some inconsistencies with regards to the expected behaviour of the
soil at Critical State and in the process leading towards it. Indeed in figure 4.1.1 where two samples
on the wet side were tested undrained, the stress path initially shows a very large stiffness unlike
the curved stress paths described by Atkinson et al. (1993), Wood (2014) or Schofield and Wroth
(1968). In figure 4.1.2 the sample on the wet side features increasing confining pressure in its
early stage of shearing in contrast to the decrease in confining pressure due to build-up of excess
pore pressures as would normally be expected. The samples in figure 4.1.1 thereafter soften in an
apparent liquefaction fashion and reach a peak stress ratio.
In many examples (Sheahan et al., 1996; Muraro, 2019), the post stress ratio peak response shows
strain softening or hardening along the Critical State line or peak stress ratio, which isn’t the case
for the tests in figure 4.1.1. According to the Dutch guidelines, the Critical State undrained shear
strength for peat and clay is reached at 25% axial strain, however for these two tests the undrained
shear strength at 25% axial strain is lower than the deviatoric stress at anisotropic consolidation
conditions. The excess pore pressure development shown in figure 4.1.4 is also problematic as
both samples tested from the dry and the wet rarely show excess pore pressures reaching steady
state. The general trend for the normally consolidated samples is that around 10% axial strain,
the excess pore pressures increase at a constant rate. This tendency is particularly true for very
silty and organic samples. For the over-consolidated samples, the general trend is that for low
over-consolidation ratio’s (lower than 3.0) the pore pressures do reach steady state and they do so
at low axial strains (around 5%), which is expected as the void ratio at low OCR is close to the
Critical State void ratio. For large OCR’s, the tests can feature continuously increasing, post-peak
continuous decreasing or oscillating excess pore pressures without any particular trend although
these effects are most probably related to the difficulties of performing a test at low confining
pressures.
The normally consolidated drained tests in figure 4.1.3 show in one case post-peak softening after
1% axial strain without a clear reach of steady state and in the other case a continuously hardening
material (as would be expected) however with varying stiffnesses and a possible steady state at
15% axial strain.
These observations raise the question whether the observed strain softening is a result of true
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material behaviour, in which case the undrained shearing produces considerably large strength
degradation of the material, or whether the observed strain softening is a manifestation of the
limitations of the laboratory testing equipment on soft soils as was discussed in chapter 2.2, in
which case the material and test behaviour produces considerable ‘apparent’ strain softening.

Figure 4.1.1: Unexpected behaviour of undrained tests showing excessive softening and no conver-
gence towards a Critical State line

Figure 4.1.2: Unexpected behaviour of undrained tests showing a non linear elastic stress path
from the dry side and an initial increasing confining pressure on the wet side
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Figure 4.1.3: Unexpected behaviour of drained tests showing post peak softening and varying
stiffness for normally consolidated samples

Figure 4.1.4: Unexpected behaviour of undrained tests showing continuous excess pore pressure
development

4.1.2 Strain based correlations

In figures 4.1.5 to 4.1.8 the undrained shear strength and stress ratio at respectively 10, 15, 20 and
25% axial strain are given as a function the wet volumetric weight and figures 4.1.9 to 4.1.12 as
a function of the Plasticity Index, recalling the guideline recommendation of 25% axial strain to
reach Critical State. The wet volumetric weight and the Plasticity Index are two parameters for
which a correlation with the undrained shear strength and the stress ratio (or by back-calculating
the friction angle) is expected (Ladd, 1991). The results however show little to no correlation for
either parameter at the considered axial strains in addition to the fact that the least mean square
fit of the data is very poor.
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Figure 4.1.5: Normalised deviatoric stress and stress ratio as a function of the wet volumetric
weight at 10% axial strain
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Figure 4.1.6: Normalised deviatoric stress and stress ratio as a function of the wet volumetric
weight at 15% axial strain
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Figure 4.1.7: Normalised deviatoric stress and stress ratio as a function of the wet volumetric
weight at 20% axial strain
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Figure 4.1.8: Normalised deviatoric stress and stress ratio as a function of the wet volumetric
weight at 25% axial strain
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Figure 4.1.9: Normalised deviatoric stress and stress ratio as a function of Plasticity Index at 10%
axial strain
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Figure 4.1.10: Normalised deviatoric stress and stress ratio as a function of Plasticity Index at
15% axial strain
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Figure 4.1.11: Normalised deviatoric stress and stress ratio as a function of Plasticity Index at
20% axial strain
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Figure 4.1.12: Normalised deviatoric stress and stress ratio as a function of Plasticity Index at
25% axial strain

4.1.3 Stress Path trends of the results in soil parameters and classification

The stress ratio and excess pore pressure development are given in figures 4.1.13 to 4.1.22 for
intervals of wet volumetric weight, plasticity index and classification (clay, silt and organic content).
The classification based trends could not be performed for normally consolidated conditions due
to the lack of classification data for these tests. The results show very little trend with the soil
parameters or classification, especially for the test on normally consolidated samples. Some trend
can be distinguished in the stress ratio for over-consolidated conditions (figure 4.13(a)) which
decreases with decreasing organic content and increasing with wet volumetric weight. In figure
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4.16(b) it is observed that continuously increasing excess pore pressure occurs mainly for high
Plasticity indexes (higher than 40%). Since the plasticity index is mainly, for this specific soil,
correlated to the organic content it can be concluded that the constant increase in excess pore
pressures is a feature of tests on organic rich soils.

(a) undrained behaviour from the dry side

(b) undrained behaviour from the wet side

Figure 4.1.13: Stress ratio η as a function of the wet volumetric weigth.
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(a) undrained behaviour from the dry side

(b) undrained behaviour from the wet side

Figure 4.1.14: Excess pore pressures as a function of the wet volumetric weigth.
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(a) undrained behaviour from the dry side

(b) undrained behaviour from the wet side

Figure 4.1.15: Stress ratio η as a function of the Plasticity Index.
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(a) undrained behaviour from the dry side

(b) undrained behaviour from the wet side

Figure 4.1.16: Excess pore pressures as a function of the Plasticity Index.
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Figure 4.1.17: Stress ratio η as a function of the Clay content from the dry side.

Figure 4.1.18: Excess pore pressures as a function of the Clay content from the dry side.
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Figure 4.1.19: Stress ratio η as a function of the Organic content from the dry side.

Figure 4.1.20: Excess pore pressures as a function of the Organic content from the dry side.
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Figure 4.1.21: Stress ratio η as a function of the Silt content from the dry side.

Figure 4.1.22: Excess pore pressures as a function of the Silt content from the dry side.
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4.2 Preliminary results of the Direct Simple Shear tests

In figures 4.2.1 and 4.2.2, results of several DSS tests are given for normally consolidated and
over-consolidated conditions respectively where the results again show ongoing strain softening
without an asymptotic reach of what could be considered to be Critical State line. It is known
the DSS apparatus may produce excessive strain softening beyond 10 to 15% shear strain (Ladd &
DeGroot, 2003), although the results start showing shear softening from 15 to in some cases 25%
shear strain. The current guidelines state the Critical State conditions are to be reached at 40%
shear strain in DSS: this again does not conform with the traditional understanding of the Critical
State soil mechanics post peak softening is not expected to occur for a soil tested under normally
consolidated conditions in the DSS apparatus.

Figure 4.2.1: Preliminary DSS results for normally consolidated conditions

Figure 4.2.2: Preliminary DSS results for over-consolidated conditions

4.3 Preliminary results of the Triaxial Extension tests

The preliminary results of the Triaxial Extension tests are given in figure 4.3.1. The results show
again strain softening beyond 10-15 % axial strain and large discrepancies in the peak stress ratio
and normalised undrained shear strength. Amongst similar materials (similar volumetric weights),
the results shows a clear dependency on the height to diameter ratio after consolidation: for
Gorinchem clay between 14 and 14.5 kN/m3, the normalised shear strength and stress ratio is
lower for lower sample height to diameter ratio’s.

56



Figure 4.3.1: Preliminary undrained Triaxial Extension results

4.4 Combined preliminary results in Triaxial Compression, Direct
Simple Shear and Triaxial Extension

The approach in the Dutch guidelines of determining the macro-stability of an embankment
is based on the strain mode of the different sliding sections of the dike (ADP method (Ladd,
1991)). According to this method, the shear strain versus shear stress of soils tested in Triaxial
Compression, Direct Simple Shear and Triaxial Extension can be expressed together as previously
explained in section 2.3. It is expected that the results of the different tests expressed in
this fashion to be slightly different and the result of the undrained shear strength in Triaxial
Compression should approximately equate the average of the strengths in DSS and Triaxial
Extension, where the strength in DSS is highest and Triaxial Extension the lowest (Ladd, 1991).
In addition, the normalised undrained shear strength ratio in TC, DSS and TE are expected to
be of much closer magnitude with increasing Plasticity Index (Ladd, 1991), and the expected
value for the normalised shear strength for this soil is 0.3 (Ministerie van Infrastructuur en Milieu,
2016).
The first results of the tests at the project show some inconsistencies regarding these observations:
for volumetric weights between 14 and 16 kN/m3 in figure 4.4.1, the mean normalised undrained
shear strength ratio’s of the DSS and Extension tests are closely matched (2% relative difference
from DSS at 15% shear strain) but significantly lower in Compression (10% relative difference from
DSS at 15% shear strain). For volumetric weights in the 16 to 17.5 kN/m3 range (figure 4.4.2),
the mean normalised shear stress in Triaxial Compression exceeds the normalised shear stress in
DSS by up to 20% at 15% shear strain. For volumetric weights larger than 17.5 kN/m3 (figure
4.4.3), again the tests in Compression exceed the test in DSS (20% relative difference from DSS
at 15% shear strain) however the Extension test results in much lower normalised shear strength
(10% relative difference from DSS at 15% shear strain) in contrast to the results for volumetric
weights between 14 and 16 kN/m3 in figure 4.4.1. The results are additionally considerably lower
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than the expected normalised shear strength of 0.3 at the shear strains prescribed by Ministerie
van Infrastructuur en Milieu (2016). In section 4.3 the results showed to be sensitive to the
height to diameter ratio measured after consolidation, more specifically low height to diameter
samples results in lower stress ratio’s and undrained shear strengths. The low outcome on Triaxial
Extension tests in combined results for volumetric weights larger than 17.5 kN/m3 is most
probably an indication that the height to diameter ratio in the two Extension tests performed
within this interval (1.59 and 1.49) are too small and therefore introduce too many boundary
effects.
The results additionally show a large spread around the mean, especially in DSS for all ranges.
The nature of the soil shows the Plasticity Index is inversely proportional to the volumetric
weight: the results show no correlation between the measured undrained shear strength of the
different tests and the Plasticity Index as opposed to the findings of Ladd (1991).

Figure 4.4.1: Normalised stress-strain of Triaxial Compression, DSS and Triaxial Extension tests
for volumetric weights between 14 and 16 kN/m3
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Figure 4.4.2: Normalised stress-strain of triaxial compression, DSS and triaxial extension tests for
volumetric weights between 16 and 17.5 kN/m3

Figure 4.4.3: Normalised stress-strain of triaxial compression, DSS and triaxial extension tests for
volumetric weights between larger than 17.5 kN/m3
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4.5 Preliminary results of the Constant Rate of Strain test (CRS)
and Oedometer test

Parameters a and b were determined from CRS tests and the results were correlated to the wet
volumetric weight as shown in figure 4.5.1. The wet volumetric weight showed to correlate very
well with parameter b and slightly less so for parameter a, although this is most probably related
to the measurement errors being magnified for small deformation measurements. These two corre-
lations were used to determine parameters a and b of the samples tested in Triaxial Compression
and Extension. It was in addition shown that parameters a and b are mostly related to the organic
and clay content of the soil.
The pre-consolidation pressure of the tested samples were determined from both CRS and oedome-
ter tests. The results of the pre-consolidation pressures for the Triaxial Compression and DSS tests
are given in figures 4.5.2 and 4.5.3.

Figure 4.5.1: Correlation between parameters a and b versus wet volumetric weight
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Figure 4.5.2: Pre-consolidation pressures Triaxial Compression test determined from CRS and
oedometer tests

Figure 4.5.3: Pre-consolidation pressures DSS test determined from CRS and oedometer tests
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Chapter 5

Extended Results

The previous analysis showed that no conclusions could be drawn on the general behaviour of the
soil and the general correlations which can be expected across the different samples. In this section,
similar samples are matched based on index tests which give an indication of the behaviour of the
soil in order to better understand the behaviour of one particular material according to different
boundary conditions, stress history and throughout the confining pressures encountered for the
construction of a river embankment. First, the method for matching these samples is described in
section 5.1, after which the reasoning for removing outliers is explained in section 5.2. In section
5.3, the limitations of the classical Critical State Soil mechanics based on these results are discussed,
as well as the effects which are specific to the laboratory tests and equipment and therefore do not
correspond to the true material behaviour.

5.1 Matching samples of equal properties

The next step is to perform the analysis on (close to) identical samples tested under different
conditions and stress levels in order to better understand the behaviour of one particular soil
composition across the range of stress levels encountered for this project.
As mentioned in section 3.1, the soil is composed of varying amounts of clay, silt, organic material
and sand. The volumetric weight is often used to differentiate soils from each other, however
different combinations of soil composition and in-situ confinement can result in the same measured
volumetric weight due to the variability in soil composition. Additionally, the range of stress levels
encountered in the field means the volumetric weights would require to be adjusted according to the
void ratio (stress level dependent) which is in turn dependent of the decomposition of the organic
matter (Hobbs, 1987). The decomposition of the organic matter is itself again dependent on the
stress history and depth of the deposit. The use of volumetric weights to differentiate samples
is therefore tedious and potentially unreliable due to the many variables. The Atterberg limits
and more particularly the Plasticity Index offer a good alternative since the tests are performed
on completely remoulded samples, therefore inhibiting any effect of structure, and give a good
indication of the plastic behaviour of the soils as shown by Ladd (1991) and Nakase, Kamei, and
Kusakabe (1988).
The method which was adopted is the following: the tested samples were matched based on equal
Plasticity Index and soil classification (if these properties are known) albeit with the addition of
a threshold tolerance. The use of a tolerance to match different samples accounts for the natural
heterogeneity within the soil sample, yet this method may be problematic for soils near the turning
point between characteristic soils: organic soils with organic contents as low as 27.5% may still
behave like a peat (Hobbs, 1987) and the soil in question would be classified from a silty clay
to clayey peat (Den Haan & Kruse, 2007). The turning point between peat and clay behaviour
can occur at different organic contents according to the morphology of the soil and can therefore
not easily be predicted (Hobbs, 1987). The choice of the threshold tolerances for the Plasticity
Index and the soil classification is therefore key in this analysis: a low threshold can result in
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too few results to perform a convincing analysis and too high threshold could feature soil samples
with different behaviour. The chosen threshold tolerances used in this analysis were 5% for the
Plasticity Index and Classification.
Samples tested in the triaxial test for which the soil classification wasn’t determined were considered
as outliers whenever their behaviour was considered too different to the behaviour of the tests of
matched composition. The removal of outliers is further detailed in section 5.2.
The general trend of the matched results show a large band in the stress ratio and peq/p ratio
reached at steady state pore pressure development. For both cases, there is a clear distinction
between the type of test and stress history of the sample. The peq/p ratio shows a band between the
results which is more predominant for over-consolidation conditions: samples shearing undrained
from the wet side reach values of 1.5 at 10% strain whilst if sheared from the dry side this ratio
reaches values of 2 to almost 4. This ratio increases with the OCR of the sample. A possible
explanation for this aspect is the presence of large discontinuities in which the constant void ratio
cannot be guaranteed for undrained tests and the development of non-uniform excess pore-pressures
as previously developed in 2.2.1. The expected peq/p ratio is expected to be reached at steady state
and closely equate 2.0 according to the classical Critical State Soil mechanics (Wroth, 1984). In
this dataset, only the drained tests on over-consolidated samples and low over-consolidated samples
sheared undrained appear to reach this expected value.

5.2 Outlier removal

The matching of samples of similar plasticity indexes results in some considerations regarding
outliers: again, this method does not ensure perfectly identical soil samples, in terms of classifi-
cation, to be matched. The tests which were considered outliers were either proven to be faulty
or their behaviour was proven to differ too much from the other tests which similar boundary
conditions. The latter only applies to the samples for unknown soil classification. Sample
TG422.+005 B MBIB mo-20a was matched in figure 5.2.1, however its behaviour clearly deviates
from the other normally consolidated samples. The test shows increasing confining pressures in
its early stage of shearing and the equivalent confining pressure to current confining pressure ratio
doesn’t reach values similar to the other normally consolidated samples. In addition, the sample
fails at lower axial strains than the other undrained tests sheared from the wet side and above all
at axial strains slightly lower than what would be expected.
In figure 5.2.2, sample TG321.+020 B AL M008-a shows in the e − log(p′) space that the initial
void ratio is considerably lower than the initial void ratio of sample TG421.+094 B BUT mo-19b
although its initial confining pressure is almost double the initial confining pressure of test
TG321.+020 B AL M008-a. In addition, the test reached at the end of the test confining
pressures higher than expected and the typical band width between the results of soils tested
from the dry and wet side is not observed. The equivalent confining pressure to current confining
pressure ratio also doesn’t reach the typical values expected from the general behaviour.
Another consideration is the presence of faulty tests: both laboratories which have performed the
triaxial tests have reported many tests failed prematurely during consolidation or right after. In
the latter case, it may not always be obvious whether the test is faulty and might be considered
as a well executed test of weaker material. For test TG422.+005 B BITA mo-12b shown in figure
5.2.3, the results show a peak stress ratio at strain levels of 1% whilst axial strain of at least 10%
are expected for drained test performed from the wet side (Atkinson et al., 1993). The equivalent
confining pressure to current confining pressure ratio also doesn’t reach the the expected values.
In this test, the excessive strain softening is clearly a result of premature failure of the sample.
Additionally, both tests TG321.+020 B AL M008-a and TG422.+005 B BITA mo-20b were
considered as outliers due to the low stress ratio’s reached during the test.
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Figure 5.2.1: Results Triaxial compression tests for matched Plasticity Index 38%

Figure 5.2.2: Results Triaxial compression tests for matched Plasticity Index 44%
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Figure 5.2.3: Results Triaxial compression tests for matched Plasticity Index 47%

5.3 Limitations of the Classical Critical State theory in explaining
the test results

In figures 5.3.1 to 5.3.4, examples of the matches results are shown for respective Plasticity Indexes
of 47, 56, 60 and 69 % respectively. The results again show inconsistencies with the Classical
Critical State theory: the post peak stress ratio of the undrained over-consolidated tests is in
almost every case always higher than the stress ratio of the undrained normally consolidated tests.
The same is true for the drained tests (see figure 5.3.1). Amongst similar normally consolidated
samples tested in an undrained test, there is a tendency of the stress ratio to be dependent on
the initial confining pressure where the steady state stress ratio decreases with increasing initial
confining pressure. This trend is also noticeable amongst the over-consolidated samples. In fact,
one can argue whether the differences observed occur due the different test boundary conditions
and sample stress history resulting in different results regardless of the initial confining stress, or
whether this is a manifestation of the initial confining stress dependency of the undrained shear
strength and Critical State friction as shown by Casey and Germaine (2013) and Abdulhadi,
Germaine, and Whittle (2012). The latter was shown to be significant for large ranges of initial
confining pressures (100 kPa to 10 MPa), which would imply the effects on the stress levels
considered for this macro-stability assessment would be minimal, however Casey and Germaine
(2013) showed the stress dependency of the Stress ratio increases with increasing soil liquid limit
which is the case for Gorinchem clay.s
The differences occurring in the void ratio space or pe/p space also deviate significantly from the
Classical Critical State theory: the results show a significant bandwidth between the outcomes of
the test according to the drainage conditions and stress history, where the results should reach
the same Critical State Line (void ratio space) or pe/p ratio of 2.0 according to the Classical
Critical State theory and Modified Cam-Clay soil model. In figure 5.3.1, the normal compression
line (NCL) was drawn and attempts of CSL are proposed. The results appear to be consistent
for the undrained normally consolidated tests and drained over-consolidated tests, however the
attempted Critical State Lines feature a significant bandwidth. The undrained over-consolidated
tests seem to less reliable in the void ratio space which can be explained by the distinct shear
zone developed samples tested undrained from the dry side, as was discussed in section 2.2.1. In

65



figures 5.3.2 to 5.3.4, the determination of the CSL line was less successful. A pe/p ratio of 2.0
corresponds to a symmetric ellipse as the shape of the yield surface. The results may suggest
the pe/p ratio to be different than 2.0 in which case the Modified Cam-Clay is not a suitable
soil model to replicate the behaviour of this particular soil. Another cause of such discrepancy,
and particularly relevant for Dutch soils (Ministerie van Infrastructuur en Milieu, 2016), is creep:
should the soil sample have featured creep during the onset from consolidation to undrained
shearing and during undrained shearing (Atkinson et al., 1993), the estimations of the void ratio
and equivalent confining pressure would lean towards a pe/p ratio smaller than 2.0 following a
traditional Isotach model (Imai, Tanaka, & Saegusa, 2003).
The results show most tests on normally consolidated samples feature increasing excess pore
pressures up to 10% axial strain after which the excess pore pressures increase at constant rate.
The stress ratio of most undrained tests on NC samples remain constant beyond 10% axial strain.
Similar effects and conclusions were noted by G luchowski, Soból, Szymański, and Sas (2019)
albeit with monotonically decreasing excess pore pressures once the critical state undrained shear
strength was reached. The Classical Critical State theory does not predict either post critical
state strain softening or hardening due to additional post critical state excess pore pressure
development. This softening also cannot be considered to be a steady reach of the residual state as
the residual strength of the soil is only expected to occur at much large strains (Lupini et al., 1982).

In most of the literature (G luchowski et al., 2019; Nakase & Kamei, 1983; Sheahan et al., 1996;
J. Liu, Wang, Zhang, Yang, & Zhang, 2019; Abelev & Lade, 2004), the post Critical State strain
softening or hardening for clays or peats in undrained tests occur at constant stress ratio M,
in other words the stress path follows the Critical State line in the p′q space. In most of the
results of Gorinchem clay for undrained normally consolidated conditions, the stress path ‘plunges’
and deviates away from a potential Critical State line in a drastic fashion as in figure 4.1.1, or
in a moderate fashion as is observed for most cases (figures 5.3.2, 5.3.3, 5.3.4), although this
behaviour does not occur necessarily for all the samples which were matched previously. These
effects can be explained by the issues of performing large strain triaxial compression tests on
soft soils as previously discussed in 2.2.1, and may indicate the Critical State conditions are not
reached reliably. This behaviour therefore does not necessarily correspond to the in-situ material
behaviour. These results and the results from Muraro (2019); G luchowski et al. (2019); J. Liu et al.
(2019) and particularly the results from Gens (1982) and Sheahan et al. (1996) show the Critical
State conditions for soft soils are reached in an asymptotic fashion as shown in figure 5.3.5 rather
than the common understanding from the Classical Critical State soil mechanics. This explains
some degree of strain softening although not to the extend as for an undrained shear strength at
25% axial strain as recommended in the guidelines. The cause of the excessive softening is most
probably a consequence of extensive ‘testing effects’ due to the high plasticity of Gorinchem clay,
as opposed to the tested Boston Blue Clay (Sheahan et al., 1996) and Lower Cromer Glacial Till
(Gens, 1982) for which plasticity indexes of 24% and 12% respectively.
The asymptotic reach of the Critical State line and ongoing strain softening mean the choice for
the undrained Critical State shear strength as a steady state parameter is not ideal when assessing
strength parameters for this particular material and requires an alternative strength assessment
in accordance with the experimental results. Many of the observations which do not conform to
the traditional Critical State Soil mechanics and Cam-Clay models can be attributed to the fact
that fully remoulded soil samples were used in the development of these theories and are therefore
limited for intact soils (Graham & Li, 1985). Some of the observed inconsistencies and spread in
the results may however be caused by the use of slightly different strain rates between the matched
samples.
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Figure 5.3.1: Results Triaxial compression tests for matched Plasticity Index 50%

Figure 5.3.2: Results Triaxial compression tests for matched Plasticity Index 56%
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Figure 5.3.3: Results Triaxial compression tests for matched Plasticity Index 60%

Figure 5.3.4: Results Triaxial compression tests for matched Plasticity Index 69%
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Figure 5.3.5: Asymptotic behaviour of Gorinchem clay, fibrous peat and glacial till in undrained
triaxial compression. Black: test data; Red: expected behaviour. Test data for Gorinchem clay
tested from the wet side shows significant ‘test effects’.

5.4 Normally consolidated undrained stress path in DSS and Tri-
axial Compression for matching samples

The TC and DSS tests were matched based on similar initial confining pressures for normally
consolidated conditions with a maximum threshold of 25 kPa and based on Plasticity Index in the
same fashion as in section 5.1. The matched samples tested in TC and DSS are shown in figures
5.4.1 and 5.4.2 with the corresponding shear strain of the Triaxial Compression test at which the
Critical State was reached.
The results show the that that peak stress ratio in Triaxial Compression occurs close to the peak
stress ratio in DSS at 12 to 15 % shear strain. The post peak stress ratio response in DSS shows
again excess strain softening confirming the excessive softening experienced with this test beyond
10 to 15% axial strain as expressed by Ladd and DeGroot (2003). Additionally, the results show
the results in DSS significantly decrease from low to high confining pressures (up to 20%).
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Figure 5.4.1: Undrained shear strength for samples of Similar Plasticity indexes (40%) and pre-
consolidation pressure
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Figure 5.4.2: Undrained shear strength for samples of Similar Plasticity indexes (50%) and pre-
consolidation pressure
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Chapter 6

Modelling the behaviour of the soil in
Triaxial tests

As was discussed in chapter 5, the Classical Critical State soil mechanics and Cam-Clay models
show considerable limitations in predicting the behaviour of intact samples of Gorinchem Clay.
This soil therefore requires an alternative strength assessment approach and a more advanced
constitutive soil model. In this section, the general constitutive models developed to model the
behaviour of soil are described according to Wood (2014), from the most basic elastic models to
the full elasto-plastic models in section 6.1. The constitutive model used in this thesis, which is
able to model non-associative flow and deviatoric effects, is then introduced and used to reproduce
the behaviour of the Triaxial Compression tests in section 6.2 and in Triaxial Extension in section
6.4.

6.1 On the behaviour of soils

6.1.1 Elastic models

The most basic stress strain relationship which can be used in constitutive modelling is the elastic
model according to Hookes’s law, which states that the stress increment δσ and strain increment
δε are proportional by the stiffness matrix (equation 6.1.1). In a three dimensional space, the
stress increment, strain increment and stiffness matrix can be expressed respectively as shown in
equation 6.1.2,6.1.3 and 6.1.4, where E is the Young’s modulus and ν the Poisson ratio. Equation
6.1.1 can be expressed in terms of the deviatoric stress and mean normal stress in a triaxial space
as shown in equation 6.1.5 where K is the Bulk modulus and G the Shear Modulus, whilst the
volumetric strain increment dεv and the deviatoric strain increment dεq given in equations 6.1.6
and 6.1.7. The elastic model is a simple to use model however its use is limited to the small strain
domain as the predictions from the elastic model overestimate the material stiffness. In addition,
the criterion for failure is somewhat vague as the limiting factor is a strain threshold rather than
a physical feature. Nonetheless, the elastic model constitutes the basis for the more advanced
constitutive models able to feature plastic behaviour of the soil.

dσ = Ddε (6.1.1)

dσ =
[
dσxx dσyy dσzz dσxy dσyz dσzx

]T
(6.1.2)

dε =
[
dεxx dεyy dεzz dγxy dγyz dγzx

]T
(6.1.3)
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D =
E

(1 + ν)(1 − 2ν)



1 − ν ν ν 0 0 0
ν 1 − ν ν 0 0 0
ν ν 1 − ν 0 0 0
0 0 0 1

2 − ν 0 0
0 0 0 0 1

2 − ν 0
0 0 0 0 0 1

2 − ν

 (6.1.4)

[
dp
dq

]
=

[
K 0
0 3G

] [
dεp
dεq

]
(6.1.5)

dεp = dε1 + 2dε3 (6.1.6)

dεq =
2

3
(dε1 − dε3) (6.1.7)

6.1.2 The elastic-perfectly plastic model, an introduction to yield criterion and
plastic potential

As seen in section 2.1 most soils develop volume changes when they are subjected to shear stresses.
The Critical State concept states that the soil reaches a constant volume and therefore constant
shear stress when sheared to large enough strains. The elastic-perfectly plastic model therefore
constitutes the first model capable of reproducing this particular aspect of the behaviour of soils.
In the elastic-perfectly plastic model, the elastic strains (recoverable) have to be distinguished from
the plastic strains (irrecoverable) as in equation 6.1.8, where εe are the elastic strains and εp are the
plastic strains. The elastic strain increment occurs when there is a change in stress δσ according to
equation 6.1.9, where D is the elastic stiffness matrix. The main assumption in the elastic-perfectly
plastic model is that upon shearing, initially only elastic strains occur until an elastic boundary
called the yield surface, after which only plastic strains occur and the material deforms at constant
shear stress. This behaviour is represented in figure 6.1.1. The perfect plasticity after the yield
condition implies that the yield condition is a failure condition and that the stress state cannot
go beyond the yield surface. The yield function f is introduced in equation 6.1.10 to represent
this behaviour, for which the plastic strain increment δεp occurs when the stress state lies on the
yield surface during incremental loading as shown in equation 6.1.11. This feature is called the
consistency condition.
The plastic strains can be determined by introducing the plastic potential function g(σ) which can
be evaluated by the current stress state as shown in equation 6.1.12. λ is the plastic multiplier
which is equal to zero for purely elastic behaviour and non-zero for plastic behaviour. Substituting
equation 6.1.12 in equation 6.1.8 and 6.1.9 yields equation 6.1.13. Combining equations 6.1.11
and 6.1.13, the plastic multiplier can be expressed as equation 6.1.14 and the full elastic-perfectly
plastic relationship can be expressed as equation 6.1.15, where Dep is the elastic-plastic stiffness
matrix. In the classical plasticity theory, the plastic potential function g equates the yield function
f , also known as the associative flow rule or normality which implies that the strain increment
vectors are normal to the yield surface of the current stress state. To resume, when the plastic
potential is lower than the yield surface, the yield function and plastic potential are non-zero which
implies only elastic strains occur (such case occurs during an unloading-reloading event) whist the
strains are solely plastic once the potential function has reached the yield surface.
The elastic-perfectly plastic model features a physical description of failure, in doing so however,
the model neglects that fact that plastic deformation also occur at the pre-failure stage. This
aspect is tackled by the elasto-plastic model in the next section.

dε = dεe + dεp (6.1.8)
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dσ = Ddεe (6.1.9)

f(σ) = 0 (6.1.10)

df(σ) = (
∂f

∂σ
)Tdσ = 0 (6.1.11)

dεp = λ
∂g

∂σ
(6.1.12)

dσ = Ddε− λD
∂g

∂σ
(6.1.13)

λ =
∂f
∂σ

T
Ddε

∂f
∂σ

T
D ∂g

∂σ

(6.1.14)

dσ =

[
D −

D ∂g
∂σ

∂f
∂σ

T
D

∂f
∂σ

T
D ∂g

∂σ

]
dε = Depdε (6.1.15)

Figure 6.1.1: elastic-perfectly plastic behaviour (Wood, 2014)

6.1.3 Elasto-plastic models

The elasto-plastic models have the ability of reproducing the pre-failure non-linearity by introduc-
ing a hardening yield function. The model essentially still features the basic framework of the
elastic-perfectly plastic model with the addition of a growing yield surface, thus resulting in plastic
strains during the pre-failure stage. The failure definition is identical to the failure definition in
the elastic-perfectly plastic model. The hardening as a result of plastic strains can be illustrated
physically with an over-consolidated soil sheared undrained: the over-consolidation causes irre-
versible volumetric strains causing the elastic region to increase and upon undrained reloading
of the material causes failure to occur at larger stress levels than the normally consolidated soil.
The addition of the hardening feature requires an additional equation which describes how much
hardening occurs for every increment of plastic strains. The elasto-plastic model therefore requires
four parts: an expression for the elastic response of the elastic deformations, a yield criterion
which specifies the boundary of pure elastic behaviour, a flow rule which specifies the mechanism
of plastic deformation and a hardening rule which links the change in size of the yield surface
with plastic deformations. The description of the elastic deformations and the flow rule can be
performed with the same expressions as in the elastic-perfectly plastic model. The introduction of
plastic hardening requires the modification of the yield criterion to be a function of the hardening
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parameter χ, where the yield is given by equation 6.1.16. Again the stress state cannot surpass
the yield surface, the consistency condition can therefore be expressed as equation 6.1.17. The
hardening parameter is itself a function of the amount of plastic strains χ = χ(εp), equation 6.1.17
can therefore be written as equation 6.1.18 using the same flow rule expression as in equation
6.1.12. Equation 6.1.18 can then we written as equation 6.1.19 where H is the plastic modulus
defined in equation 6.1.20. The full elasto-plastic relationship can then be expressed as equation
6.1.21

f(σ, χ) = 0 (6.1.16)

df =
∂f

∂σ

T

dσ +
∂f

∂χ
dχ = 0 (6.1.17)

∂f

∂σ

T

dσ + λ
∂f

∂χ

∂χ

∂εp
∂g

∂σ
= 0 (6.1.18)

∂f

∂σ

T

dσ +Hλ (6.1.19)

H = −∂f
∂χ

∂χ

∂εp

T ∂g

∂σ
(6.1.20)

dσ =

[
D −

D ∂g
∂σ

∂f
∂σ

T
D

∂f
∂σ

T
D ∂g

∂σ +H

]
dε = Depdε (6.1.21)

6.1.4 The modified Cam-Clay model

The modified Cam-Clay model is the first hardening plastic model which has been adopted to model
the behaviour of soils. It also forms the basis for most soil models including the non-associated
elasto-plastic model used later in this thesis. The basic concepts of the modified Cam-Clay model
were introduced in sections 2.1. The elastic volumetric response is characterised by equation 6.1.22,
where equation 6.1.23 is its incremental form. The bulk modulus K is therefore given by equation
6.1.24. The stiffness matrix is then given by equation 6.1.25. The yield locus in the p’q space
is an ellipse for which the size is specified by the preconsolidation pressure pc which constitutes
the hardening parameter χ and where the critical state parameter M specifies the curvature. The
yield criterion is given in equation 6.1.26 and can be rewritten as equation 6.1.27. The hardening
rule is given in equation 6.1.28 where η is the stress ratio. The Modified Cam Clay model has
an associative flow rule (equation 6.1.29) and is therefore of the same form as the yield criterion
of equation 6.1.26. The plastic strain increments are then given in equation 6.1.30, which can be
rewritten as the ratio of the plastic strains as given in equation 6.1.31. The hardening rule given
in equation 6.1.32 is only a function of the volumetric plastic strains.

v = vκ − κ ln p′ (6.1.22)

dεep = −dv
v

=
κ

v

dp′

p′
(6.1.23)

K =
dp′

dεep
=
vp′

κ
(6.1.24)

[
dp
dq

]
=

[
vp′

κ 0
0 3G

] [
dεp
dεq

]
(6.1.25)
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f(σ, p
′
c) =

q2

M2
− p′(p

′
c − p′) (6.1.26)

q2 = M2p′(p
′
c − p′) (6.1.27)

dp
′
0

p
′
0

=
dp′

p′
+

2η

M2 + η2
dη (6.1.28)

g(σ) = f(σ, p′0) (6.1.29)

(
dεpp
dεpq

)
= λ

(
∂g
∂p′
∂g
∂q

)
= λ

(
2p′ − p′0

2q
M2

)
(6.1.30)

dεpp
dεpq

=
M2 − η2

2η
(6.1.31)

dp′

p
=

v

λ− κ
dεpp (6.1.32)

6.1.5 Advanced Modified Cam-Clay based constitutive models with strain soft-
ening prediction capabilities

As was described in section 5.3, the Classical Critical State soil mechanics, and therefore the
previously introduced Modified Cam-Clay model (MCC), feature limitations in predicting the
behaviour of materials such as the Gorinchem Clay. Most of the limitations of the MCC model
are due to the fact that this model was originally formulated for remoulded clays under isotropic
consolidation (Atkinson et al., 1993). The MCC model was therefore not intended to be used for
anisotropic behaviour and effects of destructuration. Both features are to be expected in naturally
deposited clays (Huang, Liu, & Sheng, 2011) resulting from depositional history, consolidation and
straining (Wheeler et al., 2003). In this thesis, anisotropic behaviour and destructuration, although
intimately linked, are considered as two separate characteristics of the soil behaviour since fully
remoulded (i.e. destructured) clays may still feature anisotropic behaviour (Gajo & Muir Wood,
2001). This characteristic is linked with the observation that a soil features anisotropic behaviour
due to its initial particle assembly (inherent anisotropy) and by the soil’s ability to adapt to a
particular direction of plastic straining (Abelev & Lade, 2004). In order to reproduce the strain
softening, several strategies have been adopted: M. Liu and Carter (2002) proposed an extension
to the MCC called the Structured Cam Clay model for associative flow conditions where the
destructuration of the material is reproduced using a shrinking yield surface once the material starts
yielding as shown in figure 6.1.2. Structure is known to occur in most natural soft clays (Tavenas,
1990) due to cementation by deposition of carbonates, iron and aluminium oxides at the particle
contacts (Leroueil & Vaughan, 1990). Ultimately, the yield surface reaches reference yield surface
corresponding to the fully remoulded material. The model therefore features an isotropic hardening
law. Undrained softening can be predicted by such constitutive model and additionally predict
softening under drained normally consolidated conditions (Dafalias, Manzari, & Papadimitriou,
2006). In section 5.2, it was shown the drained test for normally consolidated conditions featuring
softening was a faulty test and the remaining test did not show strain softening. Additionally, the
results from the CRS tests do not show evidence of structure, although the presence of structure
is best determined by comparison of a fully remoulded sample and an intact clay sample (Leroueil
& Vaughan, 1990).
The anisotropic behaviour under undrained conditions can also be predicted by implementing a
rotational hardening law such as was developed by Wheeler et al. (2003): the yield surface is
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able to rotate and the evolution of the inclination of the yield surface varies as plastic shearing
further develops thus modelling the development or erasure of the fabric anisotropy (Wheeler et
al., 2003). In order to implement softening, a destructuration law is again required as shown in
figure 6.1.3. Many of such models rely solely on plastic volumetric strains in expressing the change
in rotation of the yield surface, which can seem unrealistic to exclude plastic deviatoric strains
from the anisotropic formulation (Wheeler et al., 2003) as plastic deviatoric strains also affect the
fabric of the soil. This specific shortcoming was remedied by Wheeler et al. (2003) and Huang et
al. (2011) who additionally implemented a destructuration law dependent also on volumetric and
deviatoric plastic strains (Huang et al., 2011).
Another method which can be adopted in predicting undrained strain softening is the use of a
non-associative flow rule (Dafalias et al., 2006), where the use a separate plastic potential and
yield surface enables the Crititical State conditions to occur at other states than the peak of the
yield locus as shown in figures 6.1.4 and 6.1.5. This method has shown to be adequate by Yamada,
Akaishi, and Dafalias (2001) if the degree of strain softening is small.
The MCC model and the mentioned advance constitutive models are well suited in predicting
the behaviour of clays. However, as shown in section 3.1, the material question is not a ‘clean’
clay but contains significant amounts of organics, silt and minute amounts of sand. Although
distortional hardening laws are traditionally used for sands (Wood & Belkheir, 1994), the devatoric
hardening mechanisms can be adequate for peats and silts Muraro (2019) and may therefore also
be suited to predict the behaviour of a heterogeneous and mixed soil such as Gorinchem Clay.
More specifically, the use of deviatoric hardening enables the reproduction of instability states
most commonly observed for loose sands and are therefore able to reproduce strain softening.
Most of the previous techniques requires numerous additional parameters to be determined in
addition to the five parameters required in the MCC model and often results in tedious work to
determine them. In addition, several of these additional parameters require specific tests to be
performed on identical material which cannot be performed within the scope of this thesis. The
ambition is therefore to use a more simplified constitutive model for which the parameters can be
determined with more ease.

Figure 6.1.2: Visualisation of strain softening mechanism for undrained conditions using a shrinking
yield surface according to the Structured Cam-clay model. 1,2,3: successive yield surfaces where 1
is the yield surface of the intact structured clay, 3 the yield surface for a fully remoulded clay and
2 an intermediate state
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Figure 6.1.3: Visualisation of strain softening mechanism for undrained normally consolidated
conditions using a rotational hardening rule and destructuration. 1: yield surface of the intact
material, 2: rotated yield surface, 3: rotated and destructed yield surface.

Figure 6.1.4: Stress path for non-associative flow induced strain softening for undrained normally
consolidated conditions. (a): elliptical shaped yield locus smaller than the plastic potential locus,
(b): tear-drop shaped yield locus

Figure 6.1.5: Stress path for non-associative flow and tear-drop shaped yield locus inducing strain
softening. (a): undrained over-consolidated conditions (TC), (b): undrained normally consolidated
conditions (TE)
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6.2 Use of an non-associative elasto-plastic Constitutive model
with volumetric and deviatoric hardening or softening contri-
butions in understanding the experimental results

As mentioned previously in section 5.3, the behaviour of the soil from the laboratory tests is not
fully captured by the Classical Critical State theory and Modified Cam Clay model. In this section,
an advanced Modified Cam-Clay based constitutive model is presented.

6.2.1 Constitutive model background

The constitutive model which is used for this project is a simple elasto-plastic model which contains
both volumetric and deviatoric contributions. This model was initially proposed and used by
Chatzis (2018) and Muraro (2019) in modelling the behaviour of peat under Triaxial Compression
conditions for both single element tests and Boundary value problems. The model relies on the
basic principles of the Modified Cam Clay model (MCC) with the additition of a non-associated
flow rule and deviatoric hardening. As seen previously from the soil composition, the clay samples
contain large amounts of organic contents and silt in which case a deviatoric contribution may
be considered (Muraro, 2019). In addition, the pre-Critical State softening requires the use of a
non-associative flow rule. The model is also able to replicate different yield locus shapes which
proved to be necessary in replicating the behaviour of the soil in section 5.3.
The considered flow rule in the used constitutive model is given in equation 6.2.1. The expression
for the yield locus (equation 6.2.2) is the same as proposed by McDowell and Hau (2003) and the
same expression is used for the plastic potential surface as given in equation 6.2.3. The plastic
hardening rule for both volumetric and deviatoric contribution is given in equation 6.2.4. At
critical state, the incremental preconsolidation pressure pc is zero, in which case equation 6.2.5
holds. Rewriting in terms of dilatancy at failure df in equation 6.2.6, the expression can be
equated to the flow rule and solved for the failure stress ratio ηf as shown in equation 6.2.7. The
following shows the failure stress ratio does not equate to the defined Critical State parameter Mg

unless the deviatoric contribution to the hardening law D equates zero at failure. The deviatoric
contribution is therefore considered to be a function of the deviatoric plastic strains in order to
reduce the dilatancy at failure according to the formulation in equation 6.2.8 (Wilde, 1977).
The model consists of a limited set of parameters (10) which can be determined with relative
ease: the first five parameters are the classical Modified Cam-Clay parameters i.e. Poisson’s ratio
ν, isotropic compression index λ , isotropic unloading-reloading index κ, initial void ratio e0 and
Critical State parameter Mg. Parameters e0, λ and κ can be determined with laboratory tests and
the two latter ones with an oedometer test, a CRS test or a Ko triaxial compression test. In this
case the CRS test was used as conform to the Dutch guidelines (Ministerie van Infrastructuur en
Milieu, 2016). Parameter Mg is to be determined for a soil sheared to critical state. The Poisson
ratio is difficult to predict, it can however be estimated by calibrating the results of the modelled
stress paths to the experimental stress paths.
The other five parameters are specific to a non-associated flow rule with deviatoric contribution:
parameter Mf specifies the size of the yield surface and parameters χf and χg specify the apex
of the yield and plastic potential surface respectively. In the MCC model, χg is equal to 2.0 and
Mf is equal to Mg by default. Parameters D0 and D1 are the input parameters for the deviatoric
contribution formulation in equation 6.2.8, where D0 specifies the initial value of D i.e. at the
initial deviatoric plastic strain, and D1 the decrease rate of the deviatoric plastic strain. The sign
of D dictates the behaviour of the deviatoric response: a positive D simulates dilation whilst a
negative D reproduces contraction. For a negative D, the size of the yield locus decreases and
replicates softening for increasing plastic deviatoric strains as shown in equation 6.2.4 similarly to
the destructuration law in the constitutive model from Huang et al. (2011). This type of behaviour
differs from the Structured Cam Clay model as M. Liu and Carter (2002) proposed volumetric and
deviatoric dependent destructuration.
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6.2.2 Work flow in determining the model parameters

The simulation of the behaviour of the material was performed by starting from unconsolidated
conditions and from the initial void ratio measured prior to consolidation. The material was then
consolidated and brought to the initial confining stress corresponding to the initial confining stress
of the simulated test, after which the deviatoric stress was increased to reach K0 consolidated
conditions. The drainage conditions were adjusted according to the simulated test and the
shearing stage was initiated.
From the set of parameters used in the constitutive model, all expect the isotropic compression
index λ , isotropic unloading-reloading index κ and the initial void ratio e0 needed to be
determined according to the stress paths of the tests. This requires a step-wise method from the
more simple to determine parameters to the more complex ones. In practice, this method requires
some degree of iteration in order to achieve a satisfactory fit. The approach which was used is the
following: first the Poisson ratio was determined by matching the deviatoric stress to axial strains
of the experimental results. The Poisson ratio, being an elastic parameter, is best determined for
over-consolidated conditions on the purely elastic response.
The Critical State parameter M was taken as the mean stress ratio of the set of tests at steady
state conditions. An alternative method to determine the Critical State parameter M is, according
to the classical Critical State soil mechanics theory, to rely on undrained tests which feature
minimal deformations such as samples of low OCR (2 to 3) for which less test anomalies are
expected to reach Critical State conditions as shown in figure 6.2.1. Due to the large discrepancy
in initial confining pressure between over-consolidated and normally consolidated tested samples,
this option was not considered in order not to include effects of stress level dependency as was
shown by Casey and Germaine (2013). Lastly, parameter M can be determined using drained tests
which showed to be reliable for over-consolidated conditions but highly unreliable for normally
consolidated conditions as was discussed in section 5.2.

79



20 40 60 80 100 120
p [-]

0

20

40

60

80

100

120

140
q 

[-]

0 5 10 15 20 25 30

a%

0.00

0.25

0.50

0.75

1.00

1.25

1.50

1.75

 [-
]

U-NC TG321.+017_B_BUT_M019-a
D-OC TG421.+093_B_MBIB_mo-13c
U-NC TG421.+094_B_BUT_mo-19b
U-OC TG421.+093_B_MBIB_mo-12b

Figure 6.2.1: Comparison of the stress ratio reach for over-consolidated and normally consolidated
conditions on similar samples. TG321. + 017 B BUT M019 − a: typical undrained normally
consolidated test showing excessive softening; TG421. + 093 B MBIB mo − 13c: drained over-
consolidated test; TG421.+ 094 B BUT mo− 19b: good quality undrained normally consolidated
test; TG421.+ 093 B MBIB mo− 12b: slightly over-consolidated undrained test

The next step implied determining parameters Mf and χf of the non-associative flow rule by
matching the shape of the stress path in the p′q space where χf determines the shape of the yield
locus and Mf its size. The inclusion of a non-associative flow rule enables the simulation of addi-
tional softening or hardening on either the wet or dry side. For over-consolidated tests, the strain
softening behaviour after reaching the peak stress is further accentuated as Mf is larger than Mg.
The opposite is true for Mf smaller than Mg where the stress path will feature strain hardening
instead of strain softening.
In order to reproduce softening from both the dry and wet side in undrained test simulations using
the same set of parameters, a deviatoric hardening rule may be implemented using a negative hard-
ening law. An important aspect of the flow rule is that the ratio of incremental plastic volumetric
stains to the incremental plastic deviatoric strains decreases as the stress ratio approaches the
critical state surface i.e. as the axial strains increase. For this case, parameters Mf and χf were
chosen to fit the stress paths in the early stage of shearing (up to 4% axial strain) and parameters
D0 and D1 were determined to improve the fit at larger deformations. The last parameter χg
can either be determined by fine-tuning the stress and strain response and shall in this case be
determined as the last step, or as was performed in this case according to equation 6.2.9 (Muraro,
2019) once Mg has been identified.

χg =
2

9

λ

λ− κ

Mg[(6 −Mg)2 − 9]

6 −Mg
(6.2.9)

The Poisson ratio was calibrated for several over-consolidated test for drained conditions: the
outcomes were consistent across the different samples which resulted in a Poisson ratio of 0.35.
Parameter χg was initially fitted by fine-tuning the strain response and resulted in very consistent
results as by using equation 6.2.9.
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6.3 Modelling Triaxial compression test results for matching Plas-
ticity Index

6.3.1 Results of the Modified Cam-Clay, non-associative and non-associative
with deviatoric hardening model in Triaxial Compression

In this section, the advanced Modified Cam-Clay based constitutive model from section 6.2.1 is
used to better predict the behaviour of the material and to differentiate (to some extend) between
true material behaviour and manifestation of laboratory testing limitations. The matched Triaxial
compression test results for plasticity index 47 ± 5% as shown in figure 6.3.1 were used to evaluate
the ability of the constitutive model in predicting the soil behaviour for different test conditions.
In figures 6.3.3 to 6.3.5, the experimental results are given for an undrained normally consolidated
test, an undrained over-consolidated test and a drained over-consolidated test respectively,
together with simulations with the MCC model, a non-associated flow rule model and a non-
associated flow rule model with deviatoric hardening. The parameters for each model are given in
table 6.3.1, where the Critical State stress ratio (Mg) was taken as the average between the stress
ratio reached after large axial strains for normally consolidated and over-consolidated tests. The
proposed shape of the plastic potential and yield surface is given in figure 6.3.2 and the combined
results of the experimental results and modelling stress paths are reported in figures 6.3.7 to 6.3.9.

Table 6.3.1: Triaxial Compression modelling parameters

name model λ κ µ Mg Mf χg χf D0 D1

MCC 0.14 0.01 0.35 1.65 - 2.0 - - -

Non-associative 0.14 0.01 0.35 1.65 1.4 0.9 0.4 - -

Non-associative, deviatoric hardening 0.14 0.01 0.35 1.65 1.4 0.9 0.4 -1 30

Figure 6.3.1: Considered tests to be modelled
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Figure 6.3.2: Shapes of the proposed plastic potential and yield surface

The results show the Modified Cam Clay only predicts strain softening for over-consolidated
conditions and cannot reproduce the asymptotic approach of the Critical State line. As its use was
intended for isotropic materials, the MCC cannot reproduce the elastic anisotropic response in
the elastic region of the undrained over-consolidated test or the elasto-plastic anisotropic response
for undrained conditions on normally consolidated conditions and over-consolidated conditions
in the post yield region. The MCC model also tends to under-predict the excess pore pressure
response and the yield point for over-consolidated conditions is highly over-estimated. For drained
over-consolidated conditions, although the Critical State shear strength is over-estimated (mainly
due to the use of an average stress ratio larger than the Critical State stress ratio of the given
test), the qualitative response of the MCC is excellent. Finally, the MCC model predicts a much
stiffer response for undrained conditions than the experimental results.

The use of a non-associative flow rule with solely volumetric hardening shows considerable
improvements on the undrained response: for normally-consolidated conditions, the model is able
to reproduce the softening and post yield anisotropic response and predicts a more suitable yield
point for over-consolidated conditions although the opposite is true for drained conditions. This
effect is due to the fact that non-elliptical yield locus will underpass or overpass the modified
Cam-Clay shaped yield locus from one side of the apex of the MCC shaped ellipse or another as
shown in figure 6.3.6. As a result, the undrained stress path of an over-consolidated test may
predict a higher yield point for a MCC model than the yield surface used in the non-associative
model for an over-consolidated drained test depending on the over-consolidation ratio. Should the
tear drop shaped yield locus have had its apex at the dry side of Critical State, the model would
have predicted a higher pre-consolidation pressure with a MCC model for drained conditions
and a lower pre-consolidation pressure for undrained conditions. Again, the pre-yield anisotropic
response for undrained over-consolidated conditions is not reproduced. From the wet side of
Critical State, the yield locus can be shaped such that the stress path for undrained normally
consolidated conditions reaches the Critical State line asymptotically, however if the same shape
is utilised for undrained over-consolidated conditions, the model would predict an excessively high
Critical State shear strength without any strain softening. Both the qualitative as quantitative
results would therefore be unsatisfactory. Similarly to the MCC model, the inclusion of a
non-associative flow rule produces a much stiffer response than the experimental results for
undrained conditions.

82



The inclusion of deviatoric softening enables improved qualitative results for both the drained and
undrained conditions: a negative deviatoric hardening rule enables to reproduce the asymptotic
behaviour towards Critical State and reduction of the mobilised shear strength. Especially for
over-consolidated conditions, the typical ‘curl’ observed from strain softening is well reproduced
and a significant improvement of the MCC model and non-associative model. The model also
predicts a stage of compressive shearing after the initial compressive and dilative stage generally
observed for over-consolidated conditions, which is observed in the pore pressure response of figure
6.3.4, although the fact that this feature occurs after 15% strain may involve test specific features
rather than material behaviour.
For the same reasons as explained for the non-associative model, the yield point for drained over-
consolidated conditions is over-estimated due to shape of the yield locus which cannot be corrected
for with a distortional hardening (figure 6.3.5). Another improvement is the better estimation
of the axial deformations where the model predicts steady state conditions at 10 to 15% axial
strain for undrained conditions and 20% for drained conditions compared to 2 to 5% and 15%
axial strain for undrained and drained conditions respectively using the MCC and non-associative
flow rule. This model however still features some limitations in reproducing the initial small strain
anisotropic response (up to 2% axial strain) for normally consolidated (elasto-plastic strains) and
over-consolidated conditions (elastic strains). In addition, some key questions remain on the nature
of such deviatoric hardening law: the model formulates better estimations of the undrained stress
paths for the Gorinchem clay indeed, however the better estimation of the stress path occurs at
larger deformations which involve considerably more uncertainties related to the stress distribution
and failure mechanisms as was discussed in section 2.2.1.

Figure 6.3.3: Experimental results of test TG321.+017 B BUT M019-a and simulations using the
MCC model, a non-associative flow rule and a non-associative flow rule with distortional hardening.
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Figure 6.3.4: Experimental results of test TG422.+005 B MBIB mo-19a and simulations using the
MCC model, a non-associative flow rule and a non-associative flow rule with distortional hardening.

Figure 6.3.5: Experimental results of test TG421.+093 B MBIB mo-20a and simulations using the
MCC model, a non-associative flow rule and a non-associative flow rule with distortional hardening.
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Figure 6.3.6: Drained and undrianed stress path and yield point for MCC model and tear-drop
shaped yield locus for non-associative flow rule. a: MCC shaped yield locus, b: tear drop shaped
yield locus, a’: MCC shaped yield locus at the pre-consolidation pressure, b’: tear drop shaped
yield locus at the pre-consolidation pressure.

Figure 6.3.7: Triaxial Compression tests of samples with Plasticity Index 47% ± 5% and MCC
simulation where λ=0.14, κ=0.01 and M=1.65
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Figure 6.3.8: Triaxial Compression tests of samples with Plasticity Index 47% ± 5% and non-
associative flow rule simulation where λ=0.14, κ=0.01, Mg=1.65, Mf=1.4, χg=0.9, χf=0.4

Figure 6.3.9: Triaxial Compression tests of samples with Plasticity Index 47% ± 5% and non-
associative flow rule simulation where λ=0.14, κ=0.01, Mg=1.65, Mf=1.4, χg=0.9, χf=0.4, D0=-1
and D1=30

6.3.2 Sensitivity of the shape of the plastic potential

The shapes of the considered plastic potentials are shown in figure 6.3.10 for χg of 2.0 (MCC
shape), 0.9 (proposed shape) and 0.3 (same shape factor as for the yield surface). The results
for undrained normally consolidated and over-consolidated simulations are given in figures 6.3.11
to 6.3.12 respectively. For both normally and over-consolidated conditions, the stiffness of the
material is affected by the shape factor such that a lower value of χg results in a larger stiffness.
For normally consolidated conditions, the steady ultimate strength and corresponding excess pore

86



pressures of each simulation are respectively higher and lower for larger values of χg, which can
be explained by the fact that parameter χg is a function of the failure stress ratio as was shown
previously in equation 6.2.7. Indeed the stress ratio at failure equates parameter Mg and using the
same deviatoric hardening rule, a larger value of χg causes a larger contribution of the deviatoric
hardening (or softening in this case) which causes the simulated test to reach the critical state
stress ratio for less deviatoric plastic strains and at larger ultimate strength.
For over-consolidated conditions, this effect on the ultimate strength is not observed. However,
the shape factor of the plastic potential mainly affects the peak strength of the material as the
shape factor dictates at which stage the behaviour change from a dilative mode of shearing to
a compressive mode of shearing. Considering these results, a good estimation of the shape of
the plastic potential is required to simulate good qualitative and quantitative estimations of the
undrained stress paths, especially for over-consolidated conditions.

Figure 6.3.10: Shapes of the plastic potential for χg=2.0, 0.9 and 0.4
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Figure 6.3.11: Sensitivity of parameter χg on the stress path simulation for undrained normally
consolidated conditions

Figure 6.3.12: Sensitivity of parameter χg on the stress path simulation for undrained over-
consolidated conditions

6.4 Modelling of a Triaxial Extension test

As for the Triaxial Compression tests, the Triaxial Extension tests were filtered based on the
conformity of the sample’s height to diameter ratio’s after anisotropic consolidation. Only test
15-102 31 conformed to the current Dutch guidelines. The Critical State parameter Mg was taken
at peak stress ratio.
The results of the simulations using the MCC, non-associative flow rule and non-associative flow
rule with deviatoric hardening shown in figure 6.4.1 using the model parameters of table 6.4.1, re-
veals the main shortcoming of all three constitutive models: the model predicts an elastic response
during the unloading of the sample up to the absolute deviatoric stress reached after anisotropic
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consolidation, whereas the experimental results shows yielding at zero deviatoric stress. The
discrepancy in yield conditions between the experimental results and the constitutive model in
addition to the similar difficulty in determining the model parameters as for over-consolidated con-
ditions in Triaxial Compression, results in unreliable model parameters. Again the models predict
a much stiffer response and are not able to reproduce the elastic anisotropy. The non-associative
flow rule with deviatoric hardening shows the best results in reproducing the experimental results
as it is again able to reproduce strain softening along the Critical State line and predicts a less
stiff response.

Table 6.4.1: Triaxial Extension modelling parameters

model λ κ µ Mg Mf χg χf D0 D1

MCC 0.18 0.013 0.35 1.14 - 2.0 - - -

Non-associative flow rule 0.18 0.013 0.35 1.14 1.2 0.9 0.3 0 0
Non-associative flow rule
and deviatoric hardening

0.18 0.013 0.35 1.14 1.2 0.9 0.3 -0.5 30

Figure 6.4.1: Triaxial Extension experimental stress path for undrained conditions and simulated
results
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Chapter 7

Conclusions and Discussions

The main objective of this Master thesis was to better assess the soil behaviour from different
laboratory tests in the evaluation of the macro-stability of flood embankments according to the
recently introduced Dutch norms. The outcomes of this thesis show the Classical Critical State
Soil Mechanics and therefore the current Dutch guidelines do not offer a suitable framework for the
Gorinchem Clay in assessing the macro-stability of flood embankments. The laboratory testing
programme on the Gorinchem clay additionally showed showed limitations in providing reliable
results at large deformations and shows the necessity of an alternative strength parameter assess-
ment methodology than Critical State strengths. The answers to the research questions are given
as follows:

• Is the strain softening experienced in the laboratory tests a result of the limitations of the tests
at large displacements or is the softening true material behaviour?

The analysis showed the excessive strain softening in the post stress-ratio peak for normally-
consolidated conditions in undrained Triaxial Compression to be indeed test behaviour caused by
the limitations of the testing equipment and practice. The material however does feature strain
softening as a result of anisotropic behaviour and possible destructuration. Destructuration could
not be proven based on the provided laboratory tests. The Triaxial Extension and Direct Simple
Shear tests also suffered from excessive strain softening.

• What are the limitations of the Classical Critical State Soil Mechanics and hence the SHANSEP
model if applied to field scenario’s?

The main limitation of the Classical Critical State Soil Mechanics which was highlighted in this the-
sis is the assumption of isotropic behaviour : intact samples of Gorinchem Clay showed anisotropic
behaviour inducing strain softening in Triaxial Compression and Extension. The Critical State
Soil Mechanics framework was derived from fully remoulded clay samples and hence shows its
limitations on intact soils. Much of this anisotropic behaviour can be assimilated to the presence
of different components of soil (clay, peat, silt and sand) with different orientation, fibres and the
formation of structure in the material as a result of previous stress and strain history. Additionally,
the Classical Critical State Soil Mechanics states the same Critical State stress ratio is reached
regardless of the stress history, drainage conditions or stress levels, in addition to the fact that
no strain softening is predicted once the post Critical State stress ratio has been reached. These
conditions were not found, it is however still unclear whether all these conditions did not meet the
Classical Critical State Soil Mechanics theory due to the limitations of performing conventional
laboratory tests on such deformable material, or whether this is due to an outdated statement
within the Critical State theory. The implications on the SHANSEP model mean the normalised
undrained shear strength for normally consolidated conditions results in different estimates should
this parameter be determined from the dry side of Critical State. The effects of structure should
be included in the evaluation of the pre-consolidation pressure within the SHANSEP formulation.
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• Is the determination of Critical State strength parameters according to the 2017 Dutch norms
applicable on Gorinchem Clay?

The analysis in Triaxial Compression, Direct Simple Shear and Triaxial Extension showed the
Critical State conditions could not be reached reliably according to the traditional understanding
of Critical State Soil mechanics and prescribed 2017 Dutch norms in the evaluation of the macro-
stability of flood embankments. The results additionally showed the Critical State conditions do
not comply with a strain definition since both the nature of soil and the pre-consolidation pressure
of the soil sample influence the axial strain required to reach steady state conditions.
The uncertainties in determining steady state conditions and ultimate strengths for Gorinchem
Clay in Triaxial Compression, Direct Simple Shear and Triaxial Extension for undrained con-
ditions shows the limitations of the current norms as the strength parameters can result in
over-conservative estimations in the case of Gorinchem Clay, or on the contrary to potentially
over estimated and unsafe parameters if applied to similar materials as studied by Muraro (2019).
Indeed, the experimental data showed to be unreliable beyond 10% axial strain in Triaxial
Compression and Extension, and beyond 15% shear strain in Direct Simple Shear where the
current guidelines state the Critical State conditions are met at 25% axial strain in Triaxial
Compression and 40% shear strain in Direct Simple Shear.

• Can the use of an isotropic non-associative elasto-plastic constitutive model with volumetric and
deviatoric hardening be used to model the behaviour of the material in question?

The use of an isotropic non-associative elasto-plastic constitutive model with volumetric and devi-
atoric hardening was found to be adequate to reproduce and understand the qualitative behaviour
of the material and showed to be a significant improvement to the Modified Cam-Clay and non-
associative model with volumetric hardening only. The non-associative flow rule enables the pre-
diction of softening and anisotropic behaviour whilst the deviatoric hardening law may be used
to replicate the asymptotic reach of the Critical State stress ratio in the triaxial test. The model
however showed to be sensitive to the shape of the plastic potential in predicting ultimate and peak
strengths and therefore requires accurate calibration of this parameter. The constitutive model
showed some limitations in its ability to reproduce the behaviour of the soil: the model predicts a
much stiffer response than the laboratory tests and isn’t therefore able in most cases to accurately
reproduce the volume changes of the sample during shearing and consolidation. Additionally, the
elastic anisotropic behaviour for over-consolidated conditions cannot be reproduced since the use
of a non-associative flow rule to replicate anisotropic behaviour applies to the elasto-plastic strains.
In order to reproduce the elastic anisotropic behaviour it would therefore be required to use an
anisotropic formulation of the yield surface. Lastly, the yield point for K0-consolidated undrained
Triaxial Extension tests was highly over-estimated due to isotropic nature of the model causing
yielding to occur at the absolute deviatoric stress reached after anisotropic consolidation.

• How can the difficulties encountered in determining the parameters of the SHANSEP model from
laboratory tests be remedied?

The difficulties in determining the Critical State undrained shear strength for highly deformable
soils in Triaxial Compression can be remedied by performing additional drained or undrained tests
on slightly over-consolidated samples (OCR ∼ 1.5-2.5). Such test minimises the slow asymp-
totic reach of the Critical State stress ratio by minimising the deformations and uncertainties
involved in reaching the Critical State stress ratio. These results can then be compared to tests
performed on normally consolidated conditions in order to identify the Critical State conditions
should the test results be difficult to interpret. Triaxial Compression tests on very deformable soils
or highly over-consolidated samples showed to considerably suffer from erroneous measurements:
for undrained conditions, the large deformations tend to cause exaggerated softening due to due to
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excess pore pressure build-up, stress inhomogeneity and cross-sectional area changes of the sample
at the location of failure. Drained over-consolidated Triaxial Compression tests appeared to behave
particularly well, although the amount of such tests was limited for this particular project. Deter-
mining Critical State conditions under undrained conditions for highly over-consolidated samples
(OCR >4) also showed to be problematic. The Critical State conditions were likewise found to be
problematic to determine on Gorinchem clay using the DSS test.
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Chapter 8

Recommendations

The recommendations from this thesis involve both on practices to be adopted in the macro-
stability of flood embankments in the Netherlands and recommendations for further research on
this topic:
Although the use of a simplified constitutive model as was used in this thesis, the understanding of
the behaviour of the material and quantification of properties of the soil can be improved by using
a more advanced constitutive model than the classical Modified Cam-Clay model. It is therefore
recommended to perform a similar analysis on a model containing a rotational hardening mecha-
nism to reproduce the small strain elasto-plastic anisotropic behaviour of Gorinchem Clay and the
elastic anisotropic behaviour for over-consolidated conditions. A destructuration law defined for
not only deviatoric plastic strains but also volumetric plastic strains is also recommended. Such
analysis should preferably be accompanied by advanced laboratory tests enabling the identification
of the material characteristics such as the general shape of the yield surface, the failure shape in the
deviatoric plane, the presence of structure (CRS test on remoulded material), and elastic and plas-
tic anisotropy. Particular attention should be given on the determination of the pre-consolidation
pressure in CRS tests and presence of structure for improving both the modelling of the material
and the determination of the undrained shear strength for over-consolidated conditions from the
SHANSEP model. It is also recommended to perform such analysis in a Finite Element code able
which is able to reproduce the boundary conditions in a Triaxial test.
The quality of the results from laboratory tests and the ability of a constitutive model to reproduce
the behaviour of the soil was hindered by the limitations of the conventional Triaxial test set-up.
The creation of better national guidelines with regards to the correction for the severe level of
deformations and formation of discontinuities of the tested sample is highly recommended. Higher
quality set-ups of the Triaxial test are also recommended such as but not limited to: true K0
Triaxial test and local measurement of excess pore pressure development. More specifically, the
Critical State conditions could not be reached reliably for the Gorinchem Clay using conventional
laboratory equipment. The author recommends adopting a strain-based strength assessment to
strain levels where the laboratory tests are still reliable in order to prevent over-conservative or
non-conservative designs. Additionally, it is recommended to perform a similar analysis as was
performed in this thesis on reconstituted soil samples and using identical strain rates.
The Dutch norms on the macro-stability of embankments would benefit from the confirmation
of the modified SHANSEP formulation from Casey and Germaine (2013) and particularly from
the quantification of the effects of stress levels on the SHANSEP parameters for the stress lev-
els encountered in the field. The implementation of the effects of confinement in the strength
assessment requires the validation of the correlation of the contribution of stress level on the nor-
malised normally consolidated undrained shear strength with the liquid limit which was found to
be particularly high for the Gorinchem Clay. The author additionally recommends the systematic
determination of Atterberg limits and its use for correlations as a way to clearly see the effects of
stress level on material parameters.
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Appendix A

Soil Classification

Figure A.0.1: Silt content of samples tested in Triaxial Compression
.
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Figure A.0.2: Clay content of samples tested in Triaxial Compression
.

Figure A.0.3: Organic content of samples tested in Triaxial Compression
.
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Figure A.0.4: Sand content of samples tested in Triaxial Compression
.
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Appendix B

Results Triaxial Compression tests
and Direct Simple Shear tests

Figure B.0.1: Triaxial test stress Paths for dike section 7h
.
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Figure B.0.2: Triaxial test stress Paths for dike section 10b
.

Figure B.0.3: Triaxial test stress Paths for dike section 12g
.
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Figure B.0.4: Triaxial test stress Paths for dike section 7h
.

Figure B.0.5: Triaxial test stress Paths for dike section 10b
.
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Figure B.0.6: Triaxial test stress Paths for dike section 12g
.

Figure B.0.7: Normalised undrained shear Strength S in Triaxial Compression
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Figure B.0.8: DSS test stress Paths for dike section 7h
.

Figure B.0.9: DSS test stress Paths for dike section 10b
.
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Figure B.0.10: DSS test stress Paths for dike section 12g
.

Figure B.0.11: DSS test stress Paths for dike section 7h
.
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Figure B.0.12: DSS test stress Paths for dike section 10b
.

Figure B.0.13: DSS test stress Paths for dike section 12g
.
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Figure B.0.14: Normalised undrained shear Strength S in DSS
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Appendix C

Results CRS tests

Figure C.0.1: CRS test results for dike section 7h
.

108



Figure C.0.2: CRS test results for dike section 7h
.
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Figure C.0.3: CRS test results for dike section 7h
.
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Appendix D

Correlations parameters a and b from
CRS tests

Figure D.0.1: Parameter a versus Plasticity Index
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Figure D.0.2: Parameter b versus Plasticity Index

Figure D.0.3: Parameter a versus clay content
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Figure D.0.4: Parameter b versus clay content

Figure D.0.5: Parameter a versus silt content
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Figure D.0.6: Parameter b versus silt content

Figure D.0.7: Parameter a versus organic content
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Figure D.0.8: Parameter b versus organic content
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Appendix E

Constitutive model basic parametric
analysis

E.1 Modified Cam-Clay

Table E.1.1: MCC parameters for a Norwegian Clay (Westerberg, 1995)

Mg λ κ ν e0
1.2 0.2 0.02 0.36 2.5

Figure E.1.1: MCC analysis parameter Mg.
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Figure E.1.2: MCC analysis parameter λ.

Figure E.1.3: MCC analysis parameter κ.
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Figure E.1.4: MCC analysis parameter ν.

Figure E.1.5: MCC analysis parameter e0.

E.2 Non-associative flow rule

Table E.2.1: Non-associated flow rule parameters

Mf χg χf
1.2 2.0 2.0
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Figure E.2.1: Non-associative flow rule analysis parameter Mf .

Figure E.2.2: Non-associative flow rule analysis parameter κg for Mf > Mg.
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Figure E.2.3: Non-associative flow rule analysis parameter κf for Mf > Mg.

E.3 Deviatoric hardening or softening

Table E.3.1: Non-associated flow rule parameters for deviatoric softening parametric analysis.

Mg λ κ ν e0 Mf χg χf
1.2 0.2 0.02 0.36 2.5 1.68 3.0 3.0

Figure E.3.1: Softening parameter analysis D0.
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Figure E.3.2: Softening parameter analysis D1.
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Figure E.3.3: Results Triaxial compression tests for matched Plasticity Index 23%

Figure E.3.4: Results Triaxial compression tests for matched Plasticity Index 34%
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Figure E.3.5: Results Triaxial compression tests for matched Plasticity Index 42%

Figure E.3.6: Results Triaxial compression tests for matched Plasticity Index 43%
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Figure E.3.7: Results Triaxial compression tests for matched Plasticity Index 44%

Figure E.3.8: Results Triaxial compression tests for matched Plasticity Index 50%
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Figure E.3.9: Results Triaxial compression tests for matched Plasticity Index 52%

Figure E.3.10: Results Triaxial compression tests for matched Plasticity Index 54%
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Figure E.3.11: Results Triaxial compression tests for matched Plasticity Index 56%

Figure E.3.12: Results Triaxial compression tests for matched Plasticity Index 60%
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Figure E.3.13: Results Triaxial compression tests for matched Plasticity Index 64%

Figure E.3.14: Results Triaxial compression tests for matched Plasticity Index 69%
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Figure E.3.15: Results Triaxial compression tests for matched Plasticity Index 77%
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